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Abstract

The consolidation of peat is complex due to the resultant large strain associated with the
highly compressible nature of natural peat deposits and to the rapid changes in soil
properties during the consolidation process. In addition, the consolidation process is
further complicated by the occurrence of secondary compression which significantly
contributes to the overall settlement of peaty soil. Therefore, it is necessary to take these
properties into account in order to obtain better predictions from peat consolidation
analyses. In the present study, the consolidation behavior of peaty clay found in Sri Lanka
is extensively studied using a model based on the elasto-viscoplastic theory. The model
can describe the prominent creep behavior of peaty soil as a continuous process. In
addition, the model can accommodate the effect of structural degradation on the
consolidation process. The analysis takes into account all the main features involved in
the peat consolidation process, namely, finite strain, variable permeability, and the effect
of secondary compression. Also, it considers the variable compressibility for stage-
constructed embankments which exert high levels of pressure on the peaty subsoil.

The constitutive equations used in the model and the procedure adapted to account for the
above-mentioned features of the analysis are described. The constitutive model is based
on Perzyna’s type viscoplastic theory and the Cambridge elasto-plastic theory combined
with empirical evidence. In the finite element formulations, which are based on the finite
deformation theory, an updated Lagrangian method is adopted. A description of the
material parameters used in the model and the procedures applied to evaluate them, with
standard laboratory and field tests, are explained. In addition, a performance of the model
incorporating the original and the modified Cam-clay theory is evaluated by simulating
triaxial test results. A comparison shows that with the present definition of the parameters,
the original model yields more representative results than the model based on the
modified Cam-clay theory.

Initially, the capability of the constitutive model to capture the consolidation behavior is
verified using the consolidation model test data on peaty clay found in Sri Lanka. It is
confirmed that the constitutive model is able to predict the observed creep characteristics
and the effect of sample thickness on settlement predictions for the material under
consideration.

The performance of the model in predicting the consolidation behavior under field
conditions is studied using field data on instrumented earth fill constructed on peaty clay.
One-dimensional compression is assumed for the peaty clay due to the large plane area of
the fill. Separate analyses are carried out by the model considering the infinitesimal strain
theory, the finite strain theory, and the finite strain theory together with the effect of
structural degradation in order to explore how these features describe the observed field



behavior. Analyses reveal that it is necessary to consider finite deformation together with
the effect of structural degradation in order to successfully simulate the resultant large
strain and the stagnated pore water pressure observed in the field.

The construction of road embankments over peat deposits is quite problematic, and thus,
it is often done after first improving the properties of the peaty soil through the utilization
of appropriate ground-improvement techniques. Understanding the field response of peaty
clay during this improvement process is naturally of great importance. A constitutive
model is applied to predict the field performance of embankments constructed on peaty
clay using different ground-improvement techniques. The back analysis of embankments
constructed with the preloading method indicates that the model can be successfully
applied to predict both the deformation and the stability of structures constructed on peaty
clays. The stability of the embankment during and after construction is verified by
investigating the stress-strain characteristics of the subsoil.

The model applications used to predict the consolidation behavior of embankments
constructed by the preloading method, combined with other ground-improvement
techniques, are then discussed. Embankments constructed with prefabricated vertical
drains (PVDs) and sand compaction piles (SCPs) are considered, and finite element
analyses are carried out in all cases by converting the actual three-dimensional conditions
that exist around the drains into simplified two-dimensional plane strain conditions. The
field behavior when PVDs are installed in the peaty clay is simulated using the equivalent
vertical permeability for the PVD-improved subsoil. In the case of SCPs, a conversion
scheme is used to transform the axisymmetric nature of sand columns into equivalent
plane strain conditions. A comparison of the predicted results with the field observations
shows a reasonable agreement. An analysis of the PVD-improved foundation indicates
that the installation of PVDs not only accelerates the rate of consolidation, but influences
the deformation pattern of the subsoil due to embankment loading. The analysis also
shows that the use of PVDs can significantly increase embankment stability. The model
prediction for the SCP-improved foundation reveals that the stiffness and the area
replacement ratio used in the conversion scheme play vital roles in predicting the
behavior of SCP-improved soft grounds. The observed improvements in the bearing
capacity of the subsoil and in the stability of the embankment, brought about by the
installation of SCPs, can be simulated by the model.
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Chapter 1

INTRODUCTION

1.1 Background and Objectives

Soft compressible amorphous peat deposits can be found in many places around the
country of Sri Lanka, including the capital city of Colombo and its suburbs. The process
of urbanization, along with an increasing population and developments associated with
this increase, has created the need to utilize these areas for new housing developments,
industrial sites, and embankments for roads and highways. However, construction over
peaty deposits always creates special problems due to the poor engineering properties of
peaty soil. Excessive settlements comprise the major problem associated with the highly
compressible nature of peat soil. These settlements appear quickly and may continue for a
long period of time due to the dominant creep behavior. In addition, low shear strength
often causes stability problems in peat soils when they are subjected to external loading.
Therefore, in order to prevent differential settlements and subsequent potential failures, it
is necessary to improve the strength and the stiffness properties of natural peat deposits
using appropriate ground-improvement techniques. In this process, it is important to
understand and to quantify the consolidation response of peaty soils when employing
such techniques and to predict the long-term settlements of the structures supported by

these soils.

Many research works have been extensively conducted to investigate the consolidation
behavior of peaty soils through the use of both empirical and experimental methods in the
field and under laboratory conditions. An important conclusion which emerges from these
studies is that secondary compression, rapid changes in permeability, and the resultant
large strain have a significant influence on the consolidation analysis of peaty soil. The
studies also reveal that the composition of natural peat deposits may vary considerably

among different sites, as do their mechanical properties (Berry and Poskitt 1972).



Therefore, it is necessary to identify the type of peat under consideration, since the

resulting consolidation behavior may be region-specific.

Very little research has been done on this subject, and the research that has been done
indicates that the consolidation behavior of the peaty clay found in Sri Lanka could not be
satisfactorily modeled by the conventional theory, the Barden model, the Bjerrun model,
or the model based on the modified Cam-clay theory. Munasinghe (2001) performed
consolidation tests with pore pressure measurements and attempted to model the observed
consolidation behavior of peaty clay using Terzaghi’s one-dimensional model. As
expected, the observed settlement which continued after the full dissipation of excess
pore pressure could not be predicted. The application of the Barden model and the

Bjerrun model to the same research has shown only limited success.
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Karunawardena (2002), Karunawardena and Kulathilaka (2003) attempted to model the
consolidation behavior in the field by back analyzing instrumented earth fill constructed
on peaty clay using the model based on Terzaghi’s one-dimensional consolidation theory.
The predicted and the observed pore water pressure development/dissipation and the
settlements of the peaty clay due to the gradual placement of the fill are shown in Figs.

1.1 and 1.2, respectively.

The results indicate that neither the observed excess pore water pressure nor the
settlements could be satisfactorily modeled. After reviewing these results, Chew and Ng
(2003) commented that the discrepancies were due to the fact that Terzaghi’s model does
not take into account either the finite strain (a field settlement of 1.5 m was recorded) or
the secondary compression which might have taken place simultaneously with the
primary consolidation during preloading. There may also be other reasons for the adverse
effects on the results, such as the application of constant permeability throughout the
process. The effects have been investigated by plotting the coefficient of consolidation,

c,, against the consolidation pressure applied during the consolidation tests. An extreme
variation in ¢, with the applied pressure has been observed, as indicated in Fig. 1.3. It is
primarily due to the drastic changes in the coefficient of permeability, k£, with physical
reduction of void ratio during the consolidation process. Similar results have been
reported by Lea (1958), Forrest and MacFarlane (1969), etc.
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Fig. 1.3: Variation in coefficient consolidation during
the consolidation process

Ketheeswaravenayagam (2006) modeled the field performance of embankments
constructed on Sri Lankan peaty clay using a model based on the modified Cam-clay

theory. The model is based on the infinitesimal strain theory and does not consider the



secondary compression behavior; therefore, it has shown only limited success. The
outcome of the above research works indicates the profound necessity for employing a

model which can describe the consolidation behavior of the peaty clay found in Sri Lanka.

The approach to the consolidation process for amorphous granular peat has generally
been similar to that for clays which exhibit exceptionally large secondary compression
effects (Forrest and MacFarlane 1969; Berry and Poskitt 1972). Mesri (1997) proposed a
method based on the C, /C, concept to predict the consolation behavior of peat and
organic soils. Vermeer and Neher (1999) proposed a soft soil model that can account for
creep using the logarithmic creep law for the secondary compression and incorporating
the concepts of the modified Cam-clay theory and viscoplasticity. However, the above
approaches are based on the two-stage concept of consolidation, one terminating at a
clearly defined point and the other continuing for a long period of time, leaving
something to be desired with reference to peats. The point at which the primary
consolidation ends and the secondary compression begins is obscure. Therefore, the

application of the above approaches has produced limited success for peats.

Nowadays, it is generally accepted that creep takes place during consolidation and at a
constant effective stress. In particular, for materials like peat, which show prominent
creep characteristics and a relatively short primary consolidation period during the
consolidation process, the assumption of creep as a continuous process provides a more
realistic approach to consolidation predictions. Several constitutive models which can
consider the creep behavior brought about by viscosity during the primary consolidation
(during excess pore water pressure dissipation) were developed in the past (e.g., Adachi
and Oka 1982; Katona 1984; Yin and Graham 1989; Kaliakin and Dafalias 1990). Each
model has its own features and has shown potential for describing particular types of
behavior. Subsequently, Kimoto and Oka (2005) proposed an elasto-viscoplastic model
which can consider not only the time-dependent properties of soil, but also the

degradation of the microstructure induced by the applied loads.

The main objective of this study is to analyze the consolidation behavior of the
amorphous granular type of peaty soil found in Sri Lanka by considering all the main
features involved in the process of peat consolidation, namely, secondary compression,
finite strain, and changes in permeability and compressibility. In addition to the above
features, the effect of structural degradation on the peat consolidation process is
investigated. Analyses are conducted using the elasto-viscoplastic model proposed by
Oka and Kimoto (2005). The model can describe the secondary compression behavior as
a continuous process and it can also account for the effect of structural degradation on the

consolidation analysis. Finite element analyses are carried out based on the finite



deformation theory, and the permeability is varied with the void ratio during the analyses.
Initially, the applied constitutive model and the analysis methods to simulate the peat
consolidation process are validated against the laboratory consolidation test results. Then,
the model is applied to predict the consolidation behavior of peaty clay under different
field conditions. In this context, firstly, the one-dimensional field consolidation of peaty
clay, brought about by the construction of compacted earth fill, is predicted. Then, the
peat foundation response upon embankment loading is simulated. The foundation
behavior of embankments constructed on natural peaty clay as well as peaty clay which
has been improved by different ground-improvement techniques are simulated. In
addition, the capability of the model to evaluate the stability of the embankments is
investigated by studying the soil behavior in different regions of the foundations and

using an observational method.

1.2 Organization of the Dissertation

The introductory chapter, Chapter 1, highlights the importance of this research work.
Chapter 2 is devoted to describing the general features of peaty soil. Initially, the physical
and the mechanical properties of peat found around the world are explained. Then, the
properties of the peaty soil found in Sri Lanka, on which the present study is based, are

presented together with some observed correlations.

Chapter 3 presents the elasto-viscoplastic model (Kimoto and Oka 2005) which is
extensively used in the present research work. The analysis methods and the model
features which are relevant to the peat consolidation analysis are highlighted. A
description of the material parameters used in the model and the procedures applied to
evaluate them, with standard laboratory and field tests, are explained. Also, the

performance of the model in incorporating the modified Cam-clay theory is investigated.

The model validation which was conducted using consolidation model test data is
presented in Chapter 4. The settlements monitored in consolidation tests, by maintaining
the final load for a long period of time, are predicted by the elasto-viscoplastic model and
Terzaghi’s model in order to verify the ability of the model to capture creep settlements.
The effect of sample thickness on the prediction of settlements is verified using the results
of consolidation model tests performed on specimens of different heights. Finally, the
validity of the derived relationship between viscoplastic parameter m' and the C, /C,.

ratio of the soil is experimentally confirmed.



In Chapter 5, the model performance in predicting the field consolidation behavior of
peaty clay due to one-dimensional compression is studied. The material parameters
required for the analysis are determined using the laboratory and the field tests conducted
during the project period. Predictions are made with the model based on infinitesimal
strain, finite strain, and finite strain together with the effect of structural degradation in
order to explore how these features describe the observed field behavior, namely, excess

pore water pressure development/dissipation and settlements.

Chapter 6 presents the application of the model to the field performance of an
embankment constructed on peaty clay using the preloading method. The versatility of the
elasto-vicoplastic model, which considers the effect of structural degradation and is based
on the finite deformation theory, is revealed by accurately predicting the observed large
strain in the peaty clay brought about by embankment loading. In addition, the ability of
the model to verify the stability of the embankment during and after construction is

investigated.

Model applications to embankments constructed by preloading, utilizing other ground-
improvement techniques, are discussed in Chapter 7. Field performances due to the
installation of prefabricated vertical drains (PVDs) and sand compaction piles (SCPs) are
simulated. Finite element analyses are carried out for all cases by converting the actual
three-dimensional conditions that exist around the drains into simplified two-dimensional
plane strain conditions. Model predictions are compared with the observed pore water
pressure and settlements measured at different locations under the embankments. The
effects on the subsoil response, due to the installation of vertical drains and the influence
of the stiffness and the area replacement ratio used in the conversion scheme in the SCP

analysis, are studied.

Chapter 8 presents the conclusions of the current research and recommendations for

further studies. This last chapter is followed by the References and two Appendices.



Chapter 2

GENERAL FEATURES OF
PEATY SOIL

2.1 Introduction

Peat generally refers to natural material which is composed primarily of plant material in
various stages of decomposition and which is characterized by high compressibility and
low shear strength. Peat is formed in low-lying, water-logged areas or in lakes or ponds
with extremely poor drainage when organic (usually plant) matter accumulates more
quickly than it humidifies. Peat is usually dark brown to black in color, has the distinctive
odor of decaying vegetation, is spongy in consistency without exhibiting distinct plasticity,

and has a texture ranging from fibrous to amorphous.

The properties which indicate the state or the condition of peat are the water content, the
bulk density, the degree of saturation, the specific gravity, the organic content, the pH
value, the liquid limit, the plastic limit, linear shrinkage, and the degree of decomposition
as quantified by the von Post humification number. The engineering properties are the
permeability, the compression index, the coefficient of secondary compression, and shear
strength. Many of these properties are interrelated and most of them appear to have a
direct association with the formation process conditions. The properties may also change
chemically and/or biologically over time. For example, further humification of the
organic constituents alters the mechanical properties of the soil, namely, the
compressibility, the shear strength, and the hydraulic conductivity. Lowering the ground
water level may cause the shrinking and the oxidation of the peat which leads to

humification with a consequent increase in both permeability and compressibility.

In this chapter, the features of peaty soil found around the world will be briefly discussed.

Firstly, the physical and the mechanical properties of peat are described on a world scale.



Then, a classification system that can be successfully adopted for engineering purposes to
describe the behavior of all peats will be introduced. Finally, the features of the peaty clay
found in Sri Lanka, on which the present research is focused, are described together with

the observed correlations between its properties.

2.2 Physical Properties of Peaty Soil

Peat is a term commonly used to designate highly organic soil. The term originated from
geology and meant vegetable matter in the early stages of coal creation. In the fields of
soil science and geotechnical engineering, however, peat is considered to be a kind of soil
referred to as peaty soil. Soils with an organic content of more than 50% are generally
called peat in soil science. In geotechnical engineering, peat generally includes soils with
an organic content of more than 20% (Kogure 1999). Some physical properties of soils
with a high organic content (OC), generally of interest to engineers, will be reviewed in

this section.

The presence of organic components in peaty soil creates unique physical and mechanical
properties in comparison to the properties of inorganic soils, such as clay and sandy soils,
which are made up of only soil particles. Soils containing a wide range of organic matter

can be found throughout the world.
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Peat that is completely free of extraneous mineral matter may have an ash content as low
as 2%, that is, an organic content exceeding 98%. At the other extreme, a lake mud may
contain less than 10% organic matter (Hobbs 1986). The organic content of peat is very
important geotechnically as most other soil properties greatly depend on it. For example,
Hobbs (1986) reported that the water-storing capacity of peat depends largely upon this
quantity. Rashid and Brown (1975) reported that the liquid and the plastic limits, as well
as the compressibility of peat, increase with an increase in the organic matter content.
O’Loughlin et al. (2001) reported that soil with a high organic content leads to
pronounced creep characteristics in addition to a more rapid consolidation. The variations
in void ratio with the organic content for peat found in Russia and the USA are shown in
Fig. 2.1 together with the corresponding range in observed water content for each type.
According to this figure and to other reported data, the water content and the

compressibility of peats increase with an increase in the organic content.

High water content is the most striking characteristic of natural peat. Hobbs (1986)
reported that five meters of fibrous peat may contain 4.7 m of water and as little as 300
mm of solid plant. The water content of peat can vary over a wide range, namely, from a
few hundreds percent of dry weight to greater than 2000%. The water content increases
with the organic content of the soil. This is because the increase in fibers creates an open

cellular structure, which in turn allows for water retention within these organic solids.

The bulk density of peat is low and sometimes appears to be slightly lower than that of
water. It was reported that the bulk density increases with the humification of peat and
that it generally varies from 14 kN/m’~8 kN/m’. The observed bulk density vs. water
content relationship for the peat found in the UK is shown in Fig. 2.2.
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Fig. 2.2: Bulk density vs. water content in some UK peats (Hobbs 1986)



Peat soils have low specific gravity compared to inorganic clays, namely, in the range of
1.5-2.5. It has been observed that the specific gravity increases with an increase in the
degree of humification of the peat. Fig. 2.3 shows the specific gravity vs. water content
relationship reported by Hobbs (1986) for peat soils found in different parts of the world.
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Fig. 2.3: Specific gravity vs. water content relationship in
peat soils around the world (Hobbs 1986)

The liquid limit of peat is very high; it is almost equal to the natural water content. The
liquid limit vs. water content relationship for different peats reported by Hobbs (1986) is
shown in Fig. 2.4. The liquid limit of peat varies with the organic content. The liquid limit

of fen peat (low organic content) lies in the range of 200%-600% and that of bog peat
(high organic content) lies in the range of 800%-1500%.
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The organic matter content (~ignition loss) vs. liquid limit relationship for the peats
found in the different regions reported by Hobbs (1986) is shown in Fig. 2.5. The results
indicate an increase in the liquid limit with an increase in the organic content. This is to

be expected since organic matter has a higher liquid limit than clay soil.
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The numbers shown in Fig. 2.5 are related to the von Post humification index. The von
Post scale of humification is a ten-point scale, from H1 to HI10, for which the
decomposition increases with an increase in the numerical value. The scale reflects a
decomposition range between plant remains that are fresh to those which have become
completely decayed amorphous material for which a plant structure can no longer be
recognized. As indicated in Fig. 2.5, the relationship between the organic content and the
liquid limit varies with the state of the peat’s decomposition. The above relationships, as

well as most of the other properties, are influenced by this state of decomposition.

2.3 Engineering Properties of Peaty Soil

Peat soil in its natural state has poor engineering properties such as high compressibility
and low shear strength. Due to high in situ void ratios, peat deposits display higher values
for compression index C,. than clay or silt deposits. The values of the natural water
content and the compression index for peats, compared to those for soft clay and silt
deposits reported by Mesri et al. (1997), are shown in Fig. 2.6.
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The values of C,. in the effective vertical stress (o) range of o, —20,, are plotted

!

against the natural water content where o, is the in situ preconsolidation pressure.
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Peat soil possesses higher values of compression index C.and secondary compression
C, than any other soils. Mesri (1997) reported that the secondary compression is
prominent in peat deposits because they exist at high void ratios, exhibit high values of
C., and display the highest values of C, /C,. among all geotechnical materials. Table
2.1 shows the C,, /C, values for natural soil deposits. The table clearly indicates that the
C,/C, ratio increases with an increase in the organic content. Fig. 2.7 shows the
observed relationship between the secondary compression index and the compression
index for Middleton peat found in the UK.

Table 2.1: Values of C, /C,. for natural soil deposits
(Mesri et al.1977)

Soil ] C,/C. Reference

(1) (2) (3)
Whangamarino clay 0.03-0.04 Newland and Allely (22)
Norfolk organic silt 0.05 Barber (2)
Calcareous organic silt 0.035-0.06 Wahls (28)
Amorphous and fibrous peat 0.035-0.083 Lea and Brawner (13)
Canadian muskeg 0.09-0.10 Adams (1)
Leda clay 0.03-0.055 Walker and Raymond (31)
Leda clay 0.04-0.06 Walker and Raymond (32)
Peat 0.075-0.085 Weber (33)
Post-glacial organic clay 0.05~0.07 Chang (9)
Soft blue clay 0.026 Crawford and Sutherland (11)
Organic clays and silts 0.04-0.06 Ladd (12)
Sensitive clay, Portland 0.025-0.055 Ladd (12)
Peat 0.05-0.08 Samson and La Rochelle (25)
San Francisco Bay mud 0.04-0.06 Su and Prysock (26)
New Liskeard varved clay 0.03-0.06 Quigley and Ogunbadejo (23)
Silty clay C 0.032 Samson and Garneau (24)
Nearshore clays and silts 0.055-0.075 Brown and Rashid (6)
Fibrous peat 0.06-0.085 Berry and Vickers (3)
Mexico City clay 0.03-0.035 Mesri, et al. (19)
Hudson River silt 0.03-0.06 Mesri, Personal files
Leda clay 0.025-0.04 Present paper
New Haven organic clay silt 0.04-0.075 Present paper
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Permeability is a very important engineering property, since it controls the consolidation

rate of peat under various loads. The in situ permeability of peat is relatively higher than

that of ordinary clays. Mesri (1997) reported that the initial permeability of peat is

typically 100-1000 times the initial permeability of soft clay and silt deposits; the initial

coefficient of the consolidation of peat, c,, is 10-100 times larger. Table 2.2 shows the

values of the initial coefficient of permeability in the vertical direction, k), together with

the relevant C,, / C,. values for the different peat deposits reported by Mesri (1986).

Tests comparing vertical and horizontal drainage show peat to be hydraulically

anisotropic and the horizontal permeability to generally be greater than the vertical,

although not to the extent one would imagine in terms of the manner in which peat

accumulates from dead plant matter. It is confirmed that the fresher the peat is, the greater

the ratio of horizontal to vertical permeability will be and the more the highly humified

peat will be expected to be fairly uniform.

Table 2.2: Values of natural water content, initial vertical coefficient of permeability,

and C, /C,. for peat deposits (Mesri et al.1997)
w, ko
Peat % m/s C,/C, Reference
(1) 2) @) @) (5)

Fibrous peat 850 4 % 107 0.06-0.10 Hanrahan (1954)
Peat 520 — 0.061-0.078 Lewis (1956)
Amorphous and fibrous peat 500-1,500 107"-107" 0.035-0.083 Lea and Brawner (1963)
Canadian muskeg 200-600 10°% 0.09-0.10 Adams (1965)
Amorphous to fibrous peat 705 — 0.073-0.091 Keene and Zawodniak (1968)
Peat 400-750 107 0.075-0.085 Weber (1969)
Fibrous peat 605-1,290 10* 0.052-0.072 Samson and LaRochell (1972}
Fibrous peat 613-886 107°-107° 0.06—0.085 Berry and Vickers (1975)
Amorphous to fibrous peat 600 107 0.042-0.083 Dhowian and Edil (1981)
Fibrous peat 660-1,590 5% 1077-5 x 107° 0.06 Lefebvre et al. (1984)
Dutch peat 70 —_ 0.06 Den Haan (1994)
Fibrous peat 610-850 6 X 107°-107" 0.052 Present study (1997)

One of the striking characteristics of peat is the remarkable decline in permeability which

accompanies a reduction in the void ratio. It falls by some three orders against a change in

the void ratio of a half order.

+ Clay and Sitt Depasits e
O Paats from lterature | table 1) 7
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Fig. 2.8: Values of ¢, for peats compared to those for
soft clay and silt deposits (Mesri et al.1997)
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The variation in permeability with the void ratio for peats can be represented in terms of
the linear relationship of e vs. In k& which is used extensively in engineering for soft clay
and silt deposits. However, the value of C;,=Ae/Alnk, for peats is close to ey /4 (¢ is the
initial void ratio), whereas C;= ¢, /2 yields a better agreement compared to those for
soft clay and silt deposits. A comparison of the C, values for peats and for the soft clay

and silt deposits reported by Mesri et al. (1997) is shown in Fig. 2.8.

Peat soils are characterized by low shear strength. Landva (1980) reported that in situ
vane tests on peats with void ratios of 6.1-11.5 displayed shear strength levels ranging
from 5-35 kPa. However, it has been observed that this low strength will increase when
the fibers and the particles of the peat come together under compression (Lea and
Brawner 1963). Vane shear tests conducted before the construction of an expressway built
over peat by preloading (Samson and Rochelle 1972), and at the end of the surcharge
stage when the primary consolidation was completed, indicate that the average shear
strength of peat in its natural condition was 10 kPa and increased up to 95 kPa. Such a
considerable gain in shear strength is attributed to the exceptionally high values of the
effective angle of shearing resistance, ¢’, which has been observed in various laboratory
tests conducted on several types of peat. The tests have shown that their behavior is
essentially frictional, with high friction angles and relatively small cohesion intercepts
(Adams 1965; Edil and Dhowian 1981; Yamaguchi et al. 1985). Yamaguchi et al. (1985)
found that the friction angle, ¢, determined with some compression triaxial tests on
normally consolidated peat from Japan, varied from 52°-35°. Very high values of ¢’ (50°-
57%, compared to those for inorganic soil, were also observed by Edil and Dhowian
(1981).

A significant difference is observed between the values for peats and clays of the
coefficient of lateral earth pressure under the condition of no lateral deformation, K ; the
former is much lower due to the presence of fibers. Furthermore, the peat type exerts a
significant influence on the measured value of K during loading, namely, 0.53 for
amorphous granular peat and about 0.30, a markedly low value, for fibrous peat (Edil and
Dhowian 1981). It was also reported that the use of the effective friction angle,¢’, to
make an indirect determination from the empirical expressions was found to yield
unacceptable values of K(; in comparison to those measured in the laboratory. It is
apparent that ¢’ is not adequate as a single parameter for reflecting the lateral load
transfer mechanisms brought about by the diverse nature of the microstructure in peat

soils.
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2.4 Classification of Peat for Engineering Purposes

As described in the preceding sections, the properties of peat soil vary over a wide range
which may lead to different types of behavior under loading. Therefore, it is necessary to
relate any theory for the mechanics of peat to the type of peat under consideration. Since
both physical and mechanical properties are naturally and remarkably affected not only
by the amount of organic matter, but also by the state of decomposition, it is desirable to
adopt a classification system based on these two criteria for engineering applications of
peat. Such a classification system has been proposed by MacFarlane and Radforth (1965).
In this scheme, amorphous granular peat and fibrous peat are given as the two extreme
types between which all other peat derivatives lie. Berry & Poskitt (1972) reported that by
proposing consolidation theories for these two materials, it would be possible to bracket

the entire scope of consolidation behavior for peaty soils.

Similar to the method proposed by MacFarlane and Radforth (1965), the ASTM standards
for the classification of peat are based largely on the organic content and on a visual
description (degree of humification) of the samples. According to ASTM standards, soil
with a low organic content (less than 25%) is called organic silt or clay. This group has
the visual appearance of amorphous material with a high degree of humification. Soil
with an organic content in the range of 25%-75% is called muck or amorphous peat. The
visual description includes some fibrous organic material in the process of humification
covered by amorphous granular particles. Soil with a high organic content (greater than
75%) is called peat, or more precisely, fibrous peat. This type of soil contains mostly

fibrous material in the early stages of humification.

In the present research work, the classification of peaty soil is done in accordance with
the method proposed by MacFarlane and Radforth (1965). According to their method,
fibrous peat generally has a higher organic content than amorphous peat (almost double).
In addition, it has been observed that the water content of fibrous peat is almost five times
higher than that of amorphous peat. This indicates that as the organic content becomes
greater, so does the water content. However, the difference is also due to the higher
degree of decomposition of amorphous peat with respect to fibrous peat. In fact, fibrous
peat (low humification) has a higher total water content than granular-amorphous peat
(high humification). The organic content of peat has a considerable effect on its physical
and mechanical properties. In general, as the organic content of peat becomes greater, so

do the void ratio, the compressibility, and the in situ permeability.

15



2.5 Properties of Sri Lankan Peat

Sri Lanka lies in the monsoon region of Southeast Asia. Colombo, the capital city, is
situated on the western coast of the island and experiences a humid, tropical climate with
an average annual rainfall of 2500 mm. In the Colombo region, the flood plains of Kelani
Gaga (Kelani River) lie to the north and bodies of water, such as Kotte Lake, Bolgoda
Lake, etc., are found in the coastal belt. The fluctuation of the water table, due to
excessive rainfall, provides suitable conditions for the accumulation of peat deposits in
these areas which consist of poorly drained grounds. This process has been occurring for
a long time and, as a result, there are now around 2500 acres of marshy land underlain
with peat in and around Colombo (Fig.2.9). Investigations have revealed that these
marshy lands consist of the granular-amorphous type of peat layers, around 5 m-10 m in

thickness, which yield the basic properties shown below in Table 2.3.

Table 2.3: Basic properties of Sri Lankan peat

Peat type Amorphous peat

Water content 200%-800%

Initial void ratio 2.0-8.0

Organic content 20%-50%

Specific gravity 1.5-2.2

pH value Less than 3.0

Liquid limit Often less than the natural
water content (%)

Muthurgjoweis

Blosmendhol

Peliyagoda

Crugodawotia

Yokbedda

Nawaia Heen b

Bottoramutio

Fig. 2.9: Distribution of peaty areas around Colombo
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2.5.1 Empirical Correlations for Sri Lankan Peaty Clay

It is universally accepted that reasonably consistent relationships exist between the
engineering parameters and the index properties of normally consolidated inorganic clays.
Notwithstanding its very high water content, similar relationships or correlations are
found to apply to peat, whatever the morphology, but only in regards to constrained
deformation (Hobbs 1986). The preliminary design of structures to be built in/on peats
can profit from such empirical correlations, sometimes even more so than when dealing
with clays, due to the difficulty of obtaining high quality peat samples and to the extreme
variability of peat deposits. There are no well-established or widely-known correlations
between the simpler index properties and the more difficult mechanical parameters of
peat (Edil and Haan 1994). As such, some observed co-relations for Sri Lankan peaty

clays reported by Karunawardena (2000) are presented.

The relationship between compression index C,. and the natural water content (w,) of
Sri Lankan peat is shown in Fig. 2.10. Although there is a customary scatter normally
associated with peat, the majority of the results confirm the C. =0.007 w, relationship
for the peat found in Sri Lanka. For comparison, the same relationship was observed for
peats found in the UK, Canada, the USA, and Japan, as shown in Fig. 2.11. The figure
shows that there is a clear distinction between the UK fen peat and the UK bog peat, the
two mean relationships being C,. =0.065 w,, for bog peat and C, = 0.008 w,, for fen peat
(Hobbs 1986). The figure also shows that the observed relationship for the Sri Lankan
peat C. =0.007 w, lies in between the reported values for the fen and the bog peats
found in the UK. This is understood since the observed organic content of Sri Lankan
peaty soil is generally slightly higher than that of the UK fen peat and much lower than
that of the UK bog peat. Moreover, the degree of decomposition is lower than that of the
UK fen peat and higher than that of the UK bog peat.

Fig. 2.12 indicates the relationship between compression index C, and initial void ratio
e, for Sri Lankan peat. The figure shows that the majority of the results falls into the
C.=0.367¢( relationship. The observed and the reported relationship for C,. and e for
peats found in the UK was C.=0.45¢, (Hobbs 1986). This is slightly different from the
observed value for Sri Lankan peat, and might be due to the effects of secondary
compression with the variable loading period, to any variation in vertical consolidation
yield stress p,., and/or to the variation in the relationship between the void ratio and the

water content.
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The organic content of peat is also an

influences most of the peat’s physical and mechanical properties. For example, Hobbs
(1986) reported that the water-storing capacity of peat depends greatly upon this quantity.
Rashid and Brown reported that the liquid and the plastic limits, as well as the

compressibility of peat, increase with an increase in the organic matter content (O.M.C.).

O’Loughlin et al. (2001) reported that

pronounced creep characteristics in addition to a more rapid consolidation. The

dependence of compressibility and creep

Lankan peats is shown in Figs. 2.13 and 2.1

ontent (%) relationship for foreign peat

important geotechnical parameter, since it

soil with a high organic content leads to

characteristics on the organic matter in Sri

4, respectively.
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As shown in Fig. 2.13, when the data corresponding to different sites is separated, it is
clear that the compressibility of the peat found in Sri Lanka also increases with an
increase in the organic matter content. Similar to the relationship between the
compression index and the organic matter content, the coefficient of secondary
consolidation represents the increase in creep characteristics with an increase in the
organic matter content, as shown in Fig. 2.14. This figure also indicates that secondary

settlements can be significantly reduced by preloading.

Secondary compression is often more significant in peat deposits than in other
geotechnical materials (Mesri 1997). Peat deposits have very high natural water contents
and void ratios. Peat deposits accumulate at high void ratios because the plant matter that
constitutes peat particles is light and holds a considerable amount of water. Due to high in
situ void ratios, peat deposits display high values of compression index C,. . In addition,
because C,, is directly related to C., peat deposits display high C,,. As a result, peaty
soil has the greatest C,, /C,. ratio of all geotechnical materials. Moreover, the duration of
the primary consolidation for peat is relatively short due to the high initial permeability.
For these reasons, the secondary compression is more significant in peaty soils than in

inorganic clays.

It has been reported that the C,, /C,. concept of compressibility could be used to explain
and to predict the secondary compression behavior of geotechnical materials. As such, the
observed C, /C, relationship for Sri Lankan peat is shown in Fig. 2.15. In the
established correlation of C, =0.0341C, agrees quite well with the C, =0.035C,
relationship for the amorphous peaty clay observed by Mesri et al. (1997).
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Preconsolidation by preloading can be used to improve the engineering properties of peat.
It is reasonable to assume that the settlement of natural soil will be proportional to
compression index C,. and that the peat improved by precompression will be
proportional to recompression index C, . The relationship between the recompression
index and the compression index under laboratory conditions is given in Fig. 2.16. It

shows that the two parameters are related and that the average, C,, is about 10% of C...

2.6 Summary

It has been observed that peaty soil composed of fibrous organic matter, i.e., partly
decomposed plants such as leaves and stems, shows unique mechanical properties in
comparison with those of inorganic soils, i.e., clay and sandy soils made up of soil
particles. In the same manner as for the physical properties of peat, the mechanical
properties are naturally and remarkably affected not only by the amount of organic matter,
but also by their degree of decomposition. Therefore, it is desirable to adopt a
classification system that can describe the entire scope of consolidation behavior for peaty

soils.

The peaty soils found in Sri Lanka are generally of the amorphous type due to their low
organic content. Some useful relationships were established between the stiffness
characteristics and the basic index properties of peats found in Sri Lanka. The patterns are
seen to agree well with similar results reported in literature, but the numerical values of
the correlations are different due to the lower organic matter contents reported for Sri

Lankan peaty soil.
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Chapter 3

CONSTITUTIVE MODEL AND
ANALYSIS METHODS TO
SIMULATE PEAT CONSOLIDATION

3.1 Introduction

Simply stated, a material model is a mathematical relationship which describes the stress-
strain behavior of the material. It is often called a constitutive model. The formulation of
a constitutive model is an important step toward obtaining solutions for practical
engineering problems. Once established, the model can be employed in a numerical
solution code suitable for the analysis of geotechnical problems with given conditions.
Thus, the model should be comprehensive enough to represent all the important types of
material behavior observed for a given material, in a quantitative and a qualitative fashion,

under the prevailing loading conditions.

The consolidation behavior of peaty soil is extremely complex. This is due to the highly
compressible nature of the natural deposits which may undergo a strain of 50% and a
hundredfold reduction in macropermeability under loads equivalent to only a few feet of
fill. In addition, the consolidation process is complicated by the occurrence of secondary
compression which, for certain kinds of peat, shows an essentially linear relationship with
log time that appears to extend indefinitely, although it is realized that the settlement must
ultimately cease (Beery 1983). Therefore, the constitutive model used to predict the
consolidation behavior of peaty soil should be capable of capturing the above main

characteristics, in addition to the general features of natural soil deposits.
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A variety of constitutive models for clay has been proposed based on the theories of
elasticity, plasticity, viscoplasticiy, and combinations of them. The applications of these
models to peaty soil have had mixed success. This is because some models resort to
idealizing the soil behavior by applying many assumptions and simplifications which are
not realistic for peat. For example, it has been observed that the consolidation behavior of
peat could not be satisfactorily modeled by Terzaghi’s model (Karunawardena 2002) due

to the following assumptions made when deriving Terzaghi’s one-dimensional theory:
e Linear elasticity
e Small strain

e Relationship between void ratio and effective stress that is independent of
time

e Changes in void ratio caused entirely by changes in excess pore water
pressure which are independent of time

e Coefficient of permeability which is constant during the consolidation
process.

In traditional soil mechanics, based on the theory of elasticity, it has been a common
practice to study shear and the consolidation deformation behavior separately. However,
this division is artificial and disregards the complete stress-deformation response of the
soil. Furthermore, this type of settlement and the rate of settlement analysis based on the
elastic soil skeleton may well be in error in situations for which the loading induces

significant local yielding.

Elastic-perfectly plastic models, such as the Mohr-Coulomb model which considers non-
linear material behavior, have been applied to predict the consolidation behavior of peat
in the past (Brinkgreve & Vermeer 1994). Many researchers have tried to model peat
behavior using elasto-plastic models based on the critical state theory which considers
hardening plasticity by incorporating the expanding yield stress represented by a non-
fixed yield surface. Although these models have shown acceptable results for the primary
loading phase, their performances in predicting long-term behavior were not as
satisfactory as expected. This is mainly due to the fact that none of these models
addresses the time-dependent behavior of soil, such as creep settlement, which is a

dominant characteristic of peat soil.

The above research works indicate that the model for peat should consider both the plastic
nature and the time-dependent behavior of the soil. It is now well accepted that this time-
dependent behavior of soil is caused by the viscosity of the soil skeleton (eg., Kim and

Lerouil 2001). Therefore, a model based on the viscoplastic approach is much more
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realistic and logical for predicting the consolidation behavior of peaty soil. Various
constitutive models have been proposed to describe the time-dependent behavior of soil
using a viscoplastic approach (Adachi and Okano 1974; Adachi and Oka 1982; Sekiguchi
and Ohta 1977; Dafalias and Hermann 1986; Kimoto and Oka 2005).

In this thesis, the elasto-viscoplastic model proposed by Kimoto and Oka (2005) is chosen
for an extensive study on the consolidation behavior of peaty clay. The constitutive model
is selected for its ability to describe the main features involved in the peat consolidation
process, namely, creep settlement, finite strain, and changes in permeability and
compressibility. In addition, the fact that it is able to describe the effects of sample
thickness phenomena and structural degradation, which influence the consolidation
behavior of natural soil deposits, is considered in the selection. In this chapter, firstly, the
elasto-viscoplastic model proposed by Kimoto and Oka (2005) is briefly introduced.
Secondly, the procedures which consider the main features of the peat consolidation
analysis in the numerical analysis will be explained. Thirdly, the parameters required for
the analysis and the procedures applied to evaluate them, with standard laboratory and
field tests, are explained. In the last section, the performance of the model in
incorporating the modified Cam-clay theory is investigated and compared with the

original model.

3.2 Elasto-viscoplastic Constitutive Model

The elasto-viscoplastic model proposed by Kimoto and Oka (2005) is based on Perzyna
(1963) type viscoplastic theory and the Cambridge elasto-plastic theory (Roscoe et
al.1963) together with empirical evidence. The most important assumption taken from the
derivation of the model is that “At the end of consolidation, the state of the clay does not
reach the static equilibrium state but is in a non-equilibrium state” (Oka 2005). In this

model, Terzaghi’s effective stress is used in the following form:

O'lfj = 0y; U, 0 (3.1)

!

is the total stress tensor, oy

where oy

pressure, and ¢6;; is Kronecker’s delta.

is the effective stress tensor, u,, is the pore

Total strain rate tensor &;; consists of elastic strain rate tensor glj and viscoplastic strain
rate tensor é;]’f’

. . RY
= &ji + eijp (3.2)
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3.2.1 Constitutive Equation for Geomaterials

The stress-strain relation of geomaterials denotes non-linearity due to their (visco) plastic
properties (Oka et al.1986). The non-linear stress-strain relation of geomaterials used in

the model is schematically illustrated in Fig. 3.1.

Fig. 3.1: Stress-strain relationship used in the model

Assuming that the effective stress increment, Ac’, develops only due to the elastic

response, the following relationship can be obtained:
o'} =[p]|as¢ (33)

Therefore, by using the relationship for the total strain increment mentioned in Eq. (3.2),

the above equation yields

{ac}=[D](re}-Ae")
{Ac')=[D)ac)-| A
lac™|=[D)as | (3.4)

in which [D] is the elastic modulus and { Ao’ } is the relaxation stress.

3.2.2 Elastic Strain Rate

Elastic strain rate tensor 85 is given by a generalized Hooke type of law and is derived as

follows:
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£o =l +§é55,.j (3.5)

in which e',-Je- is the deviatoric component of the elastic strain rate tensor and &5 is the

elastic volumetric strain rate.

The elastic deviatoric strain rate is given by

1
e

(3.6)
where G is the elastic shear modulus and Sl-j is the deviatoric stress tensor defined as

follows:

Sij =Glfj—a,'n5 3.7

ij

The elastic volumetric strain rate tensor is calculated using the relationship between void
ratio e and logarithm mean effective pressure o, obtained in the isotropic swelling
process, namely,
. K O
£ = — (3.8)
l+ey o'y,

where « is the swelling index and e is the initial void ratio.

Based on the above equations, elastic strain rate 55 can finally be expressed as

1 . K
ff=—84—— 6 5 3.9
2677 3(+ey)o, MY (39)

3.2.3 Overconsolidated Boundary Surface

The model hardening rule is based on the overconsolidated (OC) boundary surface which
delineates the OC region ( f <0) from the normally consolidated (NC) region ( f; =0)

and 1s given as follows:

fo =0 +M, 1n(0,—mj 0 (3.10)
Omb
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In the above equation, 77* is the stress parameter that represents the anisotropic

consolidation history defined by

% * * * *
n = \/(771']' = 1735(0))(Mi5 —j(0)) (3.11)
in which, for 77; =S;/om, 77; is the pressure normalized deviatoric stress tensor and

77:- o) 1s the value of 77;- before the deformation occurs (initial state). M ;l is the value of
1/77;77; when the volumetric strain increment changes from compression to swelling,

op 1s the hardening parameter, and o,,;; is the initial value of o,,;, which is defined as

the isotropic consolidation yield stress.

The schematic diagram for the OC boundary surface described in Eq. (3.10), with respect

to the triaxial state, is shown in Fig. 3.2.

//\

/ / /
\ &/ Omb Ome (0

(\).C. region

Fig. 3.2: Overconsolidated boundary surface under
triaxial conditions (Kimoto 2002)

3.2.4 Static Yield Function and Viscoplastic Potential Function

The Cam-clay static yield function is used to describe the mechanical behavior of clay at

its static equilibrium state, namely,

=0 (3.12)

In the above equation, 0',',,;) denotes the mean effective stress in the equilibrium state,

where stress may be reached after an infinite period of time. Accordingly, /), =0
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represents the static state in which no viscoplastic deformation occurs (Kimoto 2002). ﬁ*
is the stress parameter that represents the anisotropic consolidation history defined by Eq.
(3.11).

The viscoplastic potential function is

fp=f7*+1\7*ln( T J=0 (3.13)

where M" is defined as

M = — (3.14)
B \ i i '

: 0
11’1(0';" / a,’m) Jp <

in which oy,. denotes the mean effective stress at the intersection of the OC boundary

surface and the o, axis. It can be expressed as

, \ 7ii(0)7i5(0)

Ome = Omp €Xp—————— (3.15)

m

According to the above equation, o,,. equals o,,, in the case of isotropic consolidation.

The overconsolidated boundary surface, f;, =0, the static yield function, f, =0, and the
viscoplastic potential function, f}, =0, for 77;-(0) =0, are schematically described in the
o'y~ +/SiiSi; space for the NC and the OC regions in Figs. 3.3(a) and (b), respectively.

vS,S, M, (a) /—S,., S, M, (b)
NC region ' -
M
— ﬁ) =(
AN 0 Current stress state
=0
| Rt stress state

m '
< ();71155) <—O‘m‘b O‘m'p > Oy

[ ' 1
T O-m)ES) ~— Omp=0p

Fig. 3.3: OC boundary surface, static yield function, and viscoplastic potential
function

27



3.2.5 Account of the Effect of Structural Degradation

Originally, the hardening rule for the OC boundary surface was defined only with respect

to the viscoplastic volumetric strain as

, , I+e
Tmb = Oy, CXP(;L 0 EVij (3.16)

where ¢ is the initial void ratio, 4 is the slope of the e —Ino, line for the consolidation

tests, x is the swelling index, and gVVp is the viscoplastic volumetric strain.

However, it has been observed that the behavior of natural soils is influenced by the
degradation of the microstructure induced by the applied loads (Burland 1990). This
effect has been incorporated into the model by introducing viscoplastic strain softening in
addition to strain hardening with viscoplastic volumetric strain. This process is explained
in Kimoto and Oka (2005) as follows:

1
b :a’maexp( /;_ £0 g;’pJ (3.17)

Oma = Omaf +Tmai —0" mar Jexp(= B 2) (3.18)

where o, is assumed to decrease with an increasing viscoplastic strain, and o,,,; and
0’ jngr are the initial and the final values for o, , respectively. o,,,; corresponds to the
consolidation yield stress and o, is determined from the difference between the peak
and the residual stress rates. Structural parameter [ controls the rate of structural

changes and z is the accumulation of the second invariant of the viscoplastic strain rate,

namely,
t
z={zdt (3.19)
0
= ggf’ggf’ (3.20)

Due to this modification, the degradation of the soil structure leads to the shrinking of the
overconsolidated (OC) boundary surface with the viscoplastic deformation. In the above
equation, &, is the viscoplastic volumetric strain and the superimposed dot denotes the

time differentiation.
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In the original model (Oka 1981, Adachi and Oka 1982), changes in the size of a'(s)

Ww€re glven as

0',’72;) = 0';15;1) ex p(reo &P ] (3.21)

In a similar way for OC boundary surface f;, =0, the effect of structural degradation is
taken into account by changing 0’(S ) in the static yield function (Eq. 3.12). The
procedure adopted to consider the degradation effect, Eq. (3.21), has been modified by
Kimoto (2002) as follows:

(3.22)

(o}
my ' myl v
Omai

(s) _ {U;naf+(0;'nai—Uﬂf)exp(—ﬂz)} &) Xp(l+e0 pj
A

Accordingly, the decrease in a;,gj) leads to the shrinking of the static yield function

depending on the structural collapse.

3.2.6 Viscoplastic Flow Rule

The viscoplastic strain rate tensor is calculated using the following flow rule based on

Perzyna’s overstress type of viscoplastic theory:

v of
&7 =7<<D1(fy)>§}; (3.23)
(Dl (fy) ;fy >0
where (o,(1,)>= (3.24)

0 s fy <0

in which @; is a material function indicating rate sensitivity, /), =0 denotes the static
yield function, and f}, =0 is the viscoplastic potential function. Herein, the value of f),
is assumed to be positive for any stress state. In other words, viscoplastic deformation
always occurs (Kimoto 2002) since the stress state for this model always exists outside of

the static yield function.

Based on the experimental results of strain-rate constant triaxial tests, material function
@, is defined as follows (Oka 2005):
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O_I
71(fy)=Coop, exp m{n +M " In ’(S)}

=Coy, exp{m'(ﬁ* + M an:—mJ} (3.25)
Omb

C = Coexpim'it* In "Z?; (3.26)
O myi

where m' is related to the coefficient of secondary compression, a(= dv? /dInt), which
will be explained in detail later, and C is the viscoplastic parameter related to the initial
volumetric strain rate, \'/{6) , through the following relation (Adachi and Oka 1982, Oka et
al.1986):

) = M, C (3.27)

Finally, the viscoplastic strain rate can be calculated using the following equation based
on Egs. (3.23) and (3.25):

o )@
&F =Coy, exp{ [77 + 0 I J} . (3.28)
O'

80‘U

Based on the above equations, the viscoplastic deviatoric strain rate and the viscoplastic

volumetric strain rate are obtained by

*
&l = Cexp{ [77 N VA e = j} i - 75(0) (3.29)
O mb n
ep = Cexp{m'(ﬁ* + M In (Tm j}[ﬁ[* 77’](77’]—77’](0))} (3.30)
O mb n
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3.3 Features of the Analysis Related to the
Consolidation Process for Peat

The methods applied in the numerical analysis to simulate the peat consolidation process,
such as variable permeability and compressibility, the relationship between model
parameter m' and the compressibility parameters of the soil, and the adopted procedure

for the finite deformation, are described in this section.

3.3.1 Variable Permeability and Compressibility

Changes in permeability & are taken into account using Taylor’s empirical formula
(1948). In relation to that, the coefficient of permeability & depends on void ratio e in

the following form:

k =kyexp(e—ey)/Cy (3.31)

in which k) is the initial value for k& at e=e¢(y and C}, is the material constant governing
the rate of changes in permeability subjected to changes in the void ratio. Cj is the

permeability change index.

The elastic shear modulus increases with an increase in the mean effective stress of the

G=G, /;—m (3.32)
mo

in which G is the value for G when o,, = o,,,

soil as follows:

In the present research work, the variable compressibility is considered in the analysis of
stage-constructed embankments which exert high levels of pressure on the peaty subsoil.
The necessity of considering the variable compressibility parameters with an increase in
the effective vertical stress in the analysis of stage-loading embankments was emphasized
by Mesri and Choi (1985). They explained that, in general, the compression e—logo,
curve for most soft clays is highly nonlinear and is inadequate for characterizing the
compression curve by a single value of C.. The C, values for different effective
vertical stress levels used in the analysis of the Olga B embankment in Canada, as
reported by Mesri and Choi (1985), are shown in Fig. 3.4. These values were calculated

using the basic e—logo,, curves obtained from the oedometer test results.
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This nonlinear nature of e-logo,, is more evident in peaty soil due to the significant
decrease in compressibility as a physical reduction in the void ratio during the peat
consolidation process. Hobbs (1986) observed that the lines of e—logo, tend to flatten

out at higher pressures. The typical shape of the e—logo, curve for Sri Lankan peaty

clay is shown in Fig. 3.5.

7 T M . .
Olga B Void ratio vs Log (6v)
T 7.5
5- -
Ce .2 6.0
4t § 3
=

3 >o 4.5
2k e | L

2% 3.0

i | :
"\ 0

1.5 ‘ ‘
o 54 s 10 100 1000
a'\;/c"p LOg (Gv)

Fig. 3.4: Different C,
values for Olga clay

Fig. 3.5: Typical e-logo, curve for Sri Lankan
peaty clay (STDP+*-2003, HAV 27)

(Mesri 1985)

Therefore, the selection of the representative compressibility parameters corresponding to
any void ratio and effective vertical stress level is essential when analyzing stage-
constructed embankments which exert high levels of pressure on peaty subsoil. However,
for the embankment analysis which will be described in Chapters 6 and 7, there are not
enough consolidation test results to determine the compressibility parameters for each
stress level. Thus, these parameters are determined by the following equations which

assume that the compressibility parameters are varied in proportion to changes in the
l+e
Al=4
1+ €
, l+e
K'=xK
1+ €

where A and x are the compression index and swelling index, respectively, determined

specific volume of the peaty soil.

(3.33)

(3.34)

through the basic e-logo, curve using Eqs. 3.100 and 3.101 which will be explained

!

later in Section 3.4, ¢ is the initial void ratio, and A', k', and e are the respective

parameters at any stress level.

*Sourthern Transport Development Project -Kurundugahahethekma To Matara
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Using the above equations, it is possible to vary the compressibility parameters

throughout the compressible layer according to changes in the specific volume.

3.3.2 Relationship between Viscoplastic Parameter »' and C,/C,

The C, /C. concept of compressibility explains and predicts the secondary compression
behavior of geotechnical materials (Mesri and Godlewski 1977, 1979; Mesri and Castro
1987; Mesri 1987; Mesri and Feng 1991). Mesri (1973) considered the relationship
between C, and C

primary phase would show high compressibility in the secondary phase as well. In the

-, and concluded that soils which are highly compressible in the
extensive research carried out by Mesri and his co-workers, as well as in other research
works, it was discovered that the values of C,/C,. were generally high for peat,
somewhat lower for organic clay, medium for clay and organic silt, and low for certain
types of clay and silt.

In the model, the secondary compression is taken into account by viscoplastic parameter
m' and it is thought to occur as a continuous process. Parameter m' and the C, /C,
concept that was proposed by Mesri et al. (1997) to predict the secondary consolidation,
are interrelated by Oka (2005) and Adachi et al. (1984) as shown below.

Under isotropic consolidation (.S;=0), viscoplastic volumetric strain rate &P can be
evaluated by

&P =CM,, exp{m'M;kn ln[%}} (3.35)
Gm

In the derivation of the above equation, M ; is the value of A in the normally
consolidated region.

Also, viscoplastic volumetric strain &, is satisfied by the following relationship:

L A-x do!l®
Yo (+e) o)

(3.36)

where o, is the mean effective stress and (s) denotes the static equilibrium state. All

other symbols have their usual meanings, as previously defined.
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Supposing that the conditions of a,’,(ls) =o,, and eP=¢ v( ) exist at the end of the
secondary compression under a pressure of o', , Eq. (3.36) leads to the following results

by integration:

A-—K ol
P vp _ m
Ey(o0) ~ v 1+ o) In ;,(ZS) (3.37)

Substituting Eq. (3.37) into Eq. (3.35) yields

) * l+e
é‘VVID:CM,nexp{/1 KmM (8v(00) g‘fp}

l+e , I+e
=CM,, exp(/l_K M 8r€w)jexp(—/1_KmM,‘;lp8“:p]
=CM,, exp( 1 jexp{—le p] (3.38)
£1(ce) o

) 1
&P =Q exp{— —8“?}
a

in which
_ * 1 +e ' Vp _ * 1 vp
c,=CM,, exp(ﬂm gkk(oo)j =CM,, exp(; € lde(o0) (3.39)
Pl S (3.40)
m'(l+e)M,,

Assuming that C is a constant value during the process, Eq. (3.38) can be integrated

under the condition of &7 = &P at time ¢ =t(.
% v(0) 0

e =aln(t/ty)+ £,00) (3.41)
or more precisely,
ep -l vp
g=— O _ A% (3.42)

In(¢) —In(zy) Alnt

where 8:](90) =aln(a/City).
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Therefore, it is clearly seen from Egs. (3.40) and (3.42) that viscoplastic parameter m'

and secondary consolidation rate « are interrelated.

In terms of the coefficient of secondary consolidation, c,, , Eq. (3.40 ) can be expressed as

m!: CC _CS (343)

in which C. and C, are the compression index and the swelling index, respectively,
determined through oedometer tests. In peat soils, C; = 0.1C., M :1 ~1, and the

viscoplastic parameter can often be approximated as m'=0.9C,./C,, .

Leroueil and Hight (2003) also experimentally verified the relationship between strain
rate parameter ' and the C,/C, values for the soil reported by Mesri et al. (1995) and
concluded that the two approaches used for describing the viscous behavior of soils

during secondary consolidation are equivalent.

3.3.3 Account of a Finite Deformation

In finite element formulations based on the finite deformation theory, the updated
Lagrangian method is adopted with the objective Jaumann rate of Cauchy stress for a
weak form of the equilibrium equation (Oka et al. 2000, Oka et al. 2002, Kimoto et al.
2004, Higo et al. 2006). An eight-node quadrilateral element, with reduced Gaussian
two-point integration, is employed for the displacement. Biot’s two-phase mixture theory
is used with a velocity-pore pressure formulation, and the pore water is defined at the four
corner nodes of the element (see Fig. 3.6). In this section, the finite element formulation
using the finite deformation theory is explained. A discretization of the equilibrium

equation is presented followed by the continuity equation.

8-node quadrilateral element for 4-node quadrilateral element for
the soil skeleton the pore water pressure
® Displacement O  Pore water pressure x Gauss point

Fig. 3.6: Finite elements and Gauss integration points
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In the model, Terzaghi’s effective stress concept is used in the following form:

Ty =T} +11,,65 (3.45)

in which Tj; denotes the total Cauchy stress tensor, Ti]" denotes the effective Cauchy
stress tensor, u,, denotes the pore water pressure, 6;; denotes Kronecker’s delta, and the

superimposed dot denotes the time differentiation.

The relationships between the normal stress rate tensor and the effective normal stress

tensor are given by the following equations:

Sy =T+ Ly Ty = Ty L jg (3.46)
Sf =T+ Ly T = Ti L (3.47)

where Sl] is the total nominal stress rate tensor, Sl’] is the effective nominal stress rate
tensor, and Lj; is the velocity gradient tensor. The relation between total nominal stress
rate tensor S; and effective nominal stress rate tensor S{j can be obtained by substituting
Egs. (3.44) and (3.45) into Eq. (3.46), namely,

Bij =kauw5l-j - uwé'l-ijk (349)
Assuming fully saturated conditions, the weak form of the equilibrium equation for the

whole fluid-solid mixture in domain ¥ can be expressed as

[ 8y, j0ndv =0 (3.50)
?

where ov; is the virtual velocity vector component. Using the relation

(S;j6v;) j = Sy jOvi+S;;0v; ; (3.51)
Eq. (3.50) can be rewritten as

[(Sy0v:) av = [ Syov; jav =0 (3.52)
V V
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Applying the Gauss principle to the first term and substituting velocity gradient tensor L;;
for v; j in the second term of Eq. (3.52), the relation yields

[ (S0 )n jdr [ 8 jLyav =0 (3.53)
r Vv

where I" denotes the total boundary of the problem.

Incorporating the relationship for the total nominal stress rate tensor and the effective
nominal stress rate tensor given in Eq. (3.48) into Eq. (3.53) yields

[ Sridtyav + [, 6;0Lav + [ ByoLydv = [(S ;:6v;) n jar (3.54)
14 |4 vV r

According to Cauchy’s stress principle, the nominal stress rate tensor, S;;, is related to the

ij»
nominal traction vector, Sy, as follows:

Sti = Sﬂl’lj (355)

Substituting Eq. (3.55) and using relationship 6;;6L;; = 6Ly =Dy, Eq. (3.54) is
obtained as follows:

[$i0L5av + [ i, 0DgaV + [ ByoLydv = [ §60dr (3.56)
14 V Vv r

where Dj; is the stretching tensor which can be expressed in terms of the symmetric

Cauchy stress rate and the velocity gradient tensor as

. 1., .

Finally, by substituting Eqgs. (3.47) and (3.57) into Eq. (3.56), a weak form of the
equilibrium equation can be obtained.

[T36Dyav + [ 4yoLydV + [ Ly ThoLydV + [ iy, 0D yedV

V

V 14 V
(3.58)

+ | ByoLydv = [ $,6v;dr
V r

in which
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Ay =T j Ly (3.59)

In the finite element formulation using the finite deformation theory, the objective
Jaumann rate of Cauchy stress rate tensor f’lj’ is defined by means of Cauchy stress rate

tensor TU' and spin tensor W;; as
T =Ty~ W T + Ty (3.60)
The total stretching tensor, D;;, is assumed to be composed of an elastic stretching tensor,

vp

Dl-]e~ , and a viscoplastic stretching tensor, Dlj ,

namely,
D= Df; +D§P (3.61)
The relation between the Jaumann rate of Cauchy stress fl]' and elastic stretching tensor
Dy is
Tj = CiDiy (3.62)
where Cije'kl is the elastic tangential stiffness matrix. Using the relations given in Egs.
(3.61) and (3.62), the following equation can be obtained:

Ty = Ciy (D =D (3.63)

Viscoplastic stretching tensor Dij 18 given as

o,
oty

D =7(®(f))) (3.64)

in which f), and f , are static yield and potential functions, respectively, as outlined in
Section 3.2.4. The tangent modulus method proposed by Peirce et al. (1984) is

implemented to obtain viscoplastic stretching tensor D;.p .

The relation outlined in Eq. (3.63) for the Jaumann rate vector of Cauchy stress {f" ’} and

stretching vector {D} can be written in the following matrix form:
{7'}=[clio}- o} (3:65)

where [C] is the tangential stiffness matrix and {0} is the relaxation stress vector. Using
the definition for {f" '}, mentioned in Eq. (3.60), Eq. (3.65) can be written as
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{")=[clp}-fo}+{ W (3.66)

where < W*} is the vector defined as < W }: {wr —Tw}.

For the discretization of the weak form of the equilibrium equation, the following

relations are defined:

=V (3.67)
{p}=[8] "] (3.68)
AN (3.69)
D =18, ' V"] (3.70)
iy = Ny Y " (3.71)

where {v} is the velocity vector in an element, [N] is the shape function of the eight-node
quadrilateral element, { v*} is the nodal velocity vector, [B] is the matrix which
transforms the nodal velocity into the stretching vector, {L} is the velocity gradient vector,
[B M] is the matrix which transforms the nodal velocity into the velocity gradient vector,
and [B,] is the vector which transforms the nodal velocity into the trace of D. In Eq.
(3.71), u,, 1s the pore pressure rate, { u;,} is the nodal pore pressure rate vector, and

[N,] is the shape function of the four-node quadrilateral element.

Incorporating Eq. (3.66) into Eq. (3.58) and using the relations mentioned in Egs.
(3.67)~(3.71), the final weak form of the equilibrium equation becomes

KT v |- [1BT t)ar + [I8T { w* jav + [k 1 " j+ [k, ] i = 1} (3.72)
in which

k1= [[8] [c]Blav (3.73)

(k)= [[By Y (D 1Bas)av + [[By T [ULBa Jav + [[By T {TH(B, Y av (3.74)
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[&,]= [{B, vy} av (3.75)

{F}= [INTF 8, Jar (3.76)
[4]=[D T8y | V'] (3.77)
[8]=[0]By 1 v | (3.78)

The relation between nodal velocity vector { v*} and nodal displacement vector {Au*} 1s

given by Euler’s approximation as

{v*}z ¥ (3.79)

Similarly, the pore water pressure can be obtained as

Lar )= Lefirar L, (3.80)

thy At

Substituting Egs. (3.79) and (3.80) into Eq. (3.72), the discretization of the equilibrium

equation is finally obtained.

LK1+ K A e (KN ]y = A (K] ], +

At“B]T{Q}dV—At“B]T{W*}dV (3.81)

4 Vv

The discretzation procedure for the continuity equation is described below. It assumes that

the compressibility of the soil particles and the pore water pressure is negligible.

Consider a boundary surface I' of a closed domain ¥ which can be separated into two

components, namely,

r=r,+T, (3.82)
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I, , the boundary at which the pore pressure is specified, and T, the boundary at which

the flow of water is specified, are given by

on r (3.83)

u,, =u,, p

Vi= \71' on Fv (384)

The continuity equation for the fluid phase can be derived from the mass conversation

equation for the soil-water mixture as follows:

i”w,ii +D; =0 (3.85)

w

where k is the coefficient of permeability, D;; is the stretching tensor, and y,, is the

density of water.

The weak form of the continuity equation is given as

J.[iuw’ii‘f-Diij ﬁde = ijuw’iiﬁde + J.DiiﬁWdV =0 (386)

where i, is the test function for the pore water pressure. Using the relation
uw,iiﬁw = (”w,iﬁw),i - ”w,iﬁw,i (3.87)
Eq. (3.86) can be rewritten as

L [ (e, ;) av - L it it iV + [ i1, DyydV =0 (3.88)
Vw Vv ’ Yw Vv Vv

By applying Gauss’s theorem, the above equation can be expressed as

L [ iyt il - L [y it 1V + [0, DyrdV =0 (3.89)
Ywy 14

in which n is the unit normal vector to boundary surface I'. The following vectors and

matrices are defined for the discretization:

wy =V s} s a = (3.90)
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{”w,i}:{Nh,i}T{”:z}:[Bh ]{u;} ; {ﬁw,i}=[Bh]{ u:/} (3.91)

[Npd=ViNg} (3.92)
D; =oD=1{B,} {v} (3.93)

Substituting Egs. (3.90) ~ ?3.93;Tinto Eq. (3.89) and considering the arbitrariness of the

. . Ak . .
unconstrained test function, | u,, ( , we get the following equation:

L [ o el - [, (8 Jav )
W 4 (3.94)

+ [V }T{BV}TdV{v*}z 0

Substituting Eq. (3.79) into Eq. (3.94) yields the discrete form of the continuity equation

as

K, T au® |- A, 1+ 7D | ra= 0 (3.95)
where

(K, )=— [ 18,1 [B,]av (3.96)

wy
(&, T = [ v, )8, av (3.97)

V
== [ o) [y Jar (3.98)

wr

The final system of the equation for the FEM analysis, based on the finite deformation

theory, is obtained by combining Egs. (3.81) and (3.95) as

FKF[KL] [&,] HAL{* }
P V() Uy 1+ At

AE}+ K, ]{u:,}t + A (B {0bav - e[ [B) { w" }dV

At[V]

(3.99)
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3.4 Determination of the Model Parameters

The material parameters required for the analysis are determined as follows:

Initial void ratio e can be obtained from the physical properties.

For the compression index and the swelling index

A=C./In10=0.434C, (3.100)

x=C,/In10 = 0.434C, (3.101)

where C,. and C, are the compression and the recompression indices, respectively,

determined from oedometer tests.

The initial permeability coefficient (ko) of the soil can be determined by directly
measuring the soil permeability with consolidation tests under laboratory conditions.
Otherwise, the initial vertical permeability (k,o) can be calculated with the
relationship given in Terzaghi’s one-dimensional theory of consolidation using the

following relationship:

k, =m,c,y, (3.102)

where m,, is the coefficient of volume compressibility, ¢, is the coefficient of

consolidation, and y,, is the unit weight of water.

However, it has been observed that the permeability calculated with the above
relationship often underestimates the field value. On the other hand, the in situ
horizontal permeability coefficient (kh) can be reliably evaluated through in situ tests.
Field permeability tests conducted on Sri Lankan peaty clay indicated that the in-situ
value for kj, is in the order of 107 m/s.

Permeability change index Cj can also be deduced from the variations in
permeability and void ratio observed from the above-described methods. In addition,
Mesri et al. (1997) reported that the peat deposit value of Cj, = Ae/Alogk, was close
to e /4, in which e is the in situ void ratio.

The stress ratio at maximum compression M,, is defined as the stress ratio whereby
maximum occurs in the drained compression tests. For clay, however, it has been
assumed to equal the stress ratio at the critical state. Herein, M,, is determined from

the stress ratio at the residual state on the undrained triaxial compression tests and
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M ; = % M, where M, is the slope of the critical state line obtained from the

triaxial test.

Viscoplastic parameter m' is related to the coefficient of secondary compression,

a(=dv? /dInt), and can be determined using the following relationship:

= Ce=Cs (3.103)

for which all the symbols are the same as previously defined. It has been observed
that the C,, determined from the long-term consolidation tests can provide a more

representative value in the case of peaty clay.

The values used here for the coefficient of earth pressure at rest, Ky, are based on the
report by Edil and Dhowian (1981). They pointed out that the Ky calculated from the
empirical correlations, based on the measured value of the angle of internal friction
for soil (e.g., Jaky 1948), rarely agrees with the measured value of K, for peat. Thus,

it is suggested that the following values be used for engineering purposes.
Fibrous peat- K3 =0.3 Amorphous peat - K =0.53

The compression yield stress, ,,;, is assumed to be equal to the preconsolidation

pressure determined through oedometer tests.

Viscoplastic parameter C is related to the initial volumetric strain rate, v (01; , through

the following relation:

5y = M, C (3.104)

Parameter C also reflects the effect of the duration of the preceding secondary
compression, i.e., quasi-overconsolidation. A heavily aged clay stratum has a large
value for the initial volumetric strain compared to the value for normally consolidated
clay, i.e., young clay. Conversely, if the value of the initial volumetric strain is
assumed to be zero for both types of clay at the beginning of consolidation, then the
value of C for aged clay is smaller than that for young clay (Oka et al.1986). In the
present research work, viscoplastic parameter C was determined by simulating

triaxial test results.

Degradation parameter f, structural parameter ., initial shear modulus G, and
above-mentioned viscoplastic parameter C are determined by curve fitting the stress-

strain curve of the undrained triaxial tests.
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3.5 Performance of the Elasto-viscoplastic Model with
the Modified Cam-clay Theory

In the model by Kimoto and Oka (2005), the mechanical behavior of clays in the static
equilibrium is described in the original Cam-clay model by Roscoe et al. (1963), Roscoe
and Schofield (1963). The viscoplastic potential function is also in the shape of the
original Cam-clay type. Since the development of the modified Cam-clay theory by
Roscoe and Burland (1968), however, the modified Cam-clay theory has probably been
more widely used for numerical predictions. In this section, therefore, the performance of
the model by Kimoto and Oka (2005), which incorporates the modified Cam-clay theory,
is studied and compared with the original model which is based on the original Cam-clay

theory.

The basic difference between the original and the modified Cam-clay models comes from

the expression for dissipated work, oW , given as follows.

In the original Cam-clay theory, the increment of work dissipated per unit bulk volume of

an isotropic continuum during deformation was expressed as

OW = p'Se,q +q0¢, (3.105)
where p’ and ¢ are the mean effective stress and the shear stress, respectively, and J¢,,,;
and g, are the corresponding strain increments associated with p and q.

In the derivation of the modified Cam-clay theory, Roscoe and Burland (1968) suggested
that it was reasonable to assume that under an isotropic stress of ¢ =0, there is no
distortion (¢, = 0) in normally consolidated clay. Since normally consolidated clay can

deform irrecoverably under isotropic stress, Eq. (3.105) becomes

(5Wdissipated )q=0 = p'é“gval,p (3.1006)

At the critical state condition, g/ p =M and ¢, , =0, so that Eq. (3.105) becomes

(5Wdisszpated )q=Mp = Mp'§8q (3.107)

A generalization of the conditions in Egs. (3.106) and (3.107) is

' 2 2
W gissipated = P \/(é‘gvol,p )" +(Modey) (3.108)
This is the expression for work dissipation used in the modified Cam-clay theory.
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Employing the above expression (3.108) and the normality condition (Roscoe and
Burland 1968), the equation for the yield locus of the modified Cam-clay can be obtained

as

1 2
fy=L-
Yoo 2 2
Po n +M

0 (3.109)

where 7 is the value of the stress ratio (¢/ p) and M 1is the value when the stress ratio

reaches the critical state. p'=p’( at 77 = 0 (isotropic normal compression).

Eq. (3.109) represents an ellipse in the ¢, p space with its center at p(/2.

Deviator stress (kPa)

!
. p
Mean effective stress (kPa) 0

Fig. 3.7: Modified Cam-clay yield locus

3.5.1 Derivation of the Viscoplastic Volumetric and the Deviatoric
Strain Rates

In this section, the derivation of the viscoplastic volumetric strain rate and the viscoplastic
deviatoric strain rate for the Kimoto and Oka (2005) model, incorporating the modified

Cam-clay theory, is described.
The yield function given in Eq. (3.109) can be generalized as

% ~ %
7 2+M2
i

fy= ln(;,g”;))+ln( )=0 (3.110)

where all the symbols have their usual meanings, as previously defined.
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As described in Section 3.2.6, the model proposed by Kimoto and Oka (2005) for the

viscoplastic strain rate is given by the following equation which is based on the overstress
type of viscoplastic theory (Oka 2005; Perzyna 1963):

&7 =1 @1(1y)5 5 Iy (3.111)

where (@,(r,)>= (3.112)

When the modified yield function (Eq. 3.110) incorporates material function @,

. ) %)
(1, )= Ccol, exp{m [h{g bj+1 [%B} (3.113)

The derivative of —2- is

Up | 1 2 g = 7o) |1 P 2 (i — mijc0)) 3114
PYSIE P . %2 %2 3 9 ¥ (3.114)
ij m +M 7)

’ *2
o (77 o “+M 7)

Using the above equations, therefore, viscoplastic deviatoric strain rate él.v.p can be
calculated as follows:

' —*) ) 0
e'l?j’f’ = Co,, expsm'’ ln(ar—mJHn 7 j*jg /v
' —*2 o7 *2 2 Tk._ *
¢ = Cexpim’ ln( , j+1 u f,,f (Zg ’73&‘)2)) (3.115)
Omb M (7 ~+M ")

Viscoplastic volumetric strain rate £, is obtained as follows:

' —*2 7 *2 o
& = Co!, explm'| In| 22| + In| Z jM I
’ " T mb M 00}k
N (o2 ook
£ = Clexplm 1{0;” j+ln G || P f’jgo)) (3.116)
Omb M (7 )
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Table 3.1 summarizes the yield function, the viscoplastic deviatoric strain rate, and the

volumetric strain rate based on the original and the modified Cam-clay theories.

Table 3.1: Comparison of original Cam-clay and modified Cam-clay theories

Original Cam-clay Modified Cam-clay
' —*2 T ¥2
Yield o~k | Oy . o 7o+M
. = M1 =In +In —
function Sy= n[ J;’E;)] Ty (a,;g”) ( M )
Viscoplastic , % , Ny 2tk
deviatoric =Cexp m’(fy* +M *ln[G,mJJ ('7’1717’1(0)) —Cexpn I{Um J‘Fl n j*zM? (Zg ’7:/(*(;))
strain Cmb n b, M (7 “+M")
Viscoplastic s o« ) 2 (=1t
> s ' ORI : _x * (1 = Tho))
volumetric :Cexp{m’[n +M ln[aymj]} M —M = Cexpym'| ln[o—,—mj+ln n jfy 17%
strain Tmb 7 b M @2 +?)

It should be noted that the expression for calculating viscoplastic parameter m' from the
strain-controlled triaxial tests, using the model based on the modified Cam-clay theory, is
different than that based on the original Cam-clay theory. This is because the two models

yield different expressions for viscoplastic deviatoric strain rate él.j.p .

For the model which incorporates the modified Cam-clay theory, the expression for

determining m' from the strain-controlled triaxial tests becomes

i 2
() (1)
{q(o)} +M2 q 2 2
O_'
m{t- " = m'{nf | D2 ol | 202 L )
@ P e o o)
l + M2 |
-(0) 0
m

As mentioned in Kimoto (2003), the expression for m' in the original Cam-clay case is

3 ne{me)
M )

’ 9| _| 9

o' o'

The m' values generated by the two methods are experimentally verified. For this

;|3

(3.118)

purpose, the results of strain-controlled triaxial tests (Fig.3.8 and Fig.3.9) conducted on

Aji clay from Osaka, Japan are used.
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Fig. 3.8: Stress paths

Table 3.2: m' calculated from the experimental results

o'm(kPa) 0'w/0'me | q(kPa) q/C'm €11(%/min) | m'(original) | m'(modified)
90 0.9 24.17 | 0.268556 0.005
90 0.9 36.97 | 0.410778 0.05 23.48 44.19
80 0.8 4742 | 0.59275 0.005
80 0.8 71.45 | 0.893125 0.05 11.12 12.33
70 0.7 67.35 | 0.962143 0.005
70 0.7 91.72 | 1.310286 0.05 9.59 9.59

The experimental results indicate that the m' values calculated by the model
incorporating the modified and the original Cam-clay theories are almost equal, except

for during the initial stage.

3.5.2 Evaluation of the Model Performance

The performance of the model to incorporate the modified Cam-clay theory is evaluated
and compared with the model based on the original Cam-clay theory by simulating the
triaxial test results. For this purpose, the stress-strain behavior obtained from the triaxial
tests conducted on soft marine clay found near the Aji River in Osaka, Japan is used. The
required parameters for the simulation, such as the compression index, the swelling index,
the initial void ratio, and the compression yield stress, are taken from consolidation test
data on the same clay. As indicated in Table 3.2, the calculated m' values are based on the

two methods and are almost equal, except during the initial stage. Therefore, it is
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reasonable to assume common average values for both models as m’ is a constant for a
particular soil (Mesri et al.1977; Oka et al.1984).

Table 3.3: Parameters used in the simulation

Parameters Values
Strain rate & (%/min) | 0.05
Initial void ratio e 1.727
Initial elastic shear modulus” G, (kPa) | 3100
Compression index A 0.3201
Swelling index K 0.0482
Stress ratio at critical state M, 1.184
Compression yield stress i (Toi) (kPa) | 100
Viscoplastic parameter m' 20
Viscoplastic parameter# C (1/s) | 4.0x 107"
Structural parameter " T raf (kPa) | 66
Structural parameter ” B 3

From the triaxial test stress—strain relationship

The simulation is initially carried out using the model based on the original Cam-clay
theory. The parameters used in the simulation are listed in Table 3.3. Then, using the same
parameters, an analysis is performed with the model based on the modified Cam-clay
theory. The obtained results are shown in Figs. 3.10 and 3.11. As shown in Figs. 3.10 and
3.11 when the results predicted by the model based on the original Cam-clay theory
correlate well with the observed stress-strain behavior, the results produced by the model
based on the modified Cam-clay theory deviate significantly from the experimental data

and the failure stress is overpredicted for the same parameters.

In order to obtain better results by the model with the modified Cam-clay theory, a
simulation is carried out using a higher value for viscoplastic parameter C . The analysis
indicates that when parameter C is equal to 2 x 107 s, the predictions show a better

correlation with the experimental results.

However, the value for parameter C, which produces better results with the model based
on the modified Cam-clay theory, is considerably high. With such a high C value, the
numerical stability of the analysis declines. Thus, it seems that the application of the
constitutive model incorporating the modified Cam-clay theory has some limitations.
Furthermore, even with the use of a higher C value, there is no significant improvement

in the prediction of the stress path which shows a considerable deviation from that in the
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experimental results during the initial stage. Considering the above facts, the model
incorporating the original Cam-clay theory is found to be more suitable to predicting the

stress—deformation behavior of soil with the present definition of the parameters.

140

120 -
100 |
<
A
=
2 S0
£
260
«g L Original Cam-clay, m'=20, C =4 x 105" 1
E 40 —— Modified Cam-clay; m'=20, C=4x 10" s™ .
o A Modified Cam-clay; m'=20, C=2 x 107s"

20 —— Experimental results -

O L 1 L 1 L 1 L 1 L 1 L 1 L 1 L 1 L 1 L
0 2 4 6 8 10 12 14 16 18 20
Axial strain (%)

Fig. 3.10: Comparison of the stress-strain behavior
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Fig. 3.11: Comparison of the stress paths
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3.6 Summary and Remarks

In this chapter, the viscoplastic model and the analysis methods used to simulate the peat
consolidation process were described. The constitutive model (Kimoto and Oka 2005) is
based on Perzyna’s type of viscoplastic theory and the Cambridge elasto-plastic theory
combined with empirical evidence. In the model, the static yield function, the viscoplastic
potential function, and the overconsolidated boundary surface which delineates the
overconsolidated region from the normally consolidated region are in the shape of the
original Cam-clay type. In the model, the secondary compression is taken into account by
viscoplastic parameter m', which is related to the C,/C, ratio of the soil. Also, it was
found that the model can accommodate the effect of structural degradation on
consolidation by introducing viscoplastic strain softening in addition to strain hardening

with viscoplastic volumetric strain.

The variable permeability was considered in the analysis by varying the coefficient of
permeability with the void ratio of the soil. The compressibility parameters were proposed
to vary with the specific volume of the soil in the analysis of stage-constructed
embankments which exert high levels of pressure on the peaty clay. In the finite element
formulations, which are based on the finite deformation theory, an updated Lagrangian

method was adopted.

The material parameters required for the analysis and the procedures applied to evaluate
them, with standard laboratory and field tests, were explained. Some material parameters
could be directly evaluated from the test data. However, some model parameters, such as
the initial shear modulus, viscoplastic parameter C, and the structural parameters, were

determined by simulating the stress-strain curve of the triaxial tests.

The performance of the model to incorporate the original and the modified Cam-clay
theories was evaluated by simulating the stress-strain characteristics of clay in triaxial
tests. The results predicted by the model based on the original Cam-clay theory were
found to correlate well with the observed stress-strain behavior, whereas the results
produced by the model based on the modified Cam-clay theory deviated significantly
from the experimental data and the failure stress was overpredicted for the same
parameters. It was confirmed, therefore, that the model which incorporates the original
Cam-clay theory is more suitable to predicting the stress—deformation behavior of soil

with the present definition of the parameters.
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Chapter 4

MODEL VALIDATION USING
LABORATORY CONSOLIDATION
TEST RESULTS

4.1 Introduction

The successful application of any constitutive model has to be verified in the modeling of
simple problems, such as laboratory tests, before it can be applied to full-scale problems.
The verification of a proposed model against laboratory one-dimensional consolidation or
triaxial tests gives some insight into the behavior of the model and enables a previous
understanding of its capabilities and limitations. However, such verifications do not
guarantee the model’s predictive ability to deal with full-scale problems which may

include complicated boundary conditions in the field.

The main focus of this chapter is to study the predictive capability of the elasto-
viscoplastic model to capture two important phenomena that have been identified in the
peat consolidation process. One phenomenon is the one-dimensional strain-time
relationship, including creep (or secondary) settlement, which is known to contribute
significantly to the overall settlement of peaty soil. The other phenomenon is the
influence of specimen thickness (length of the drainage path) on settlement predictions.
Model performances to grasp these two phenomena are verified against the experimental
observations in consolidation model tests conducted on peaty clay and reported by Kugan
et al. (2003). In addition, the mathematically derived relationship between model
parameter m’ and the C,, /C . ratio of the soil is experimentally verified using data from
laboratory tests on soft marine clay found in Osaka, Japan. This chapter consists of the

following sections:
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1) Application of the model to predict laboratory consolidation behavior

2) Model performance of settlement prediction considering different layer
thicknesses

3) Experimental verification of the relation between parameter m' and C,, /C...

4.2 Application of the Model to Predict Laboratory
Consolidation Behavior

The elasto-viscoplastic constitutive model (Kimoto and Oka 2005) was validated using
laboratory consolidation test results. For this purpose, data on medium-scale
consolidation tests with the 2-day time increment reported by Kugan et al. (2003) were
used. The specimen was 203 mm in diameter and 275 mm in height. Drainage was
permitted only at the top surface of the sample during the tests. The tests were conducted
on reconstituted peaty clay obtained from sites along the Colombo-Katunayaka
Expressway (CKE) project. A load of 30 kN/m? was applied in steps of 5 kN/m” with time
intervals of two days. An incremental load application was adopted to avoid shear failure
in the peaty clay in case a full load was applied all at once. The one-dimensional normally
consolidated behavior for load increments of 5-30 kPa was predicted using the elasto-

viscoplastic model and Terzaghi’s model, and compared with the measured strains.

4.2.1 Determination of the Model Parameters for the Analysis

The parameters required for the elasto-viscoplastic model analysis for load increments of

5-30 kPa were determined as shown below.

The compression index and the swelling index were determined by following the method
outlined in Section 3.4 and using the results of the oedometer tests conducted under the
same experimental program. The results of the void ratio vs. log (o) relation obtained in

the oedometer tests are shown in Fig. 4.1.
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Fig. 4.1: Void ratio vs. Log (o7, ) relationship  Fig. 4.2: Void ratio vs. Log (time) relationship
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The initial permeability coefficient, k, was calculated using Eq. (3.102) in Section 3.4.
For that, the required coefficient of volume compressibility, m,,, and the coefficient of
consolidation, c,, were calculated from the time-settlement curve for load increments of
5-10 kPa. The respective values were found to be 0.031 m%kN and 4.1 m?/year, and
yielded a k( value of 4 x 10® m/s. The permeability change index, C}. , was calculated
from the gradient of the e—Ink graph deduced from the oedometer test results.
Viscoplastic parameter m’ was calculated using Eq. (3.103) in Chapter 3. The required
compression index, swelling index, and coefficient of secondary consolidation were taken
from the consolidation test results shown in Figs. 4.1 and 4.2. The compression yield
stress, o,,p;, was determined by considering the previous load (5 kPa) and the coefficient
of lateral earth pressure at rest used in the analysis. The coefficient of lateral earth
pressure at rest, K, was 0.53, as recommended by Edil and Dhowian (1981) for
amorphous peat. Realistic values were assumed for viscoplastic parameter C and
structural parameters O';naf and f . The parameters required for Terzaghi’s model,
namely, the coefficient of volume compressibility, m,, and the coefficient of
consolidation, c¢,, were calculated with the consolidation test results. The initial
conditions of the sample, together with the parameters used for both the elasto-

viscoplastic model and Terzaghi’s model, are listed in Table 4.1.

Table 4.1: Parameters used in the model validation

Parameters for the elasto-viscoplastic model

Initial void ratio e 5.80
Initial vertical effective stress ono (kPa) | 5.0
Coefficient of earth pressure at rest K, 0.53
Coefficient of permeability ko (m/s) | 4x10°
Change of permeability index Cy 0.95
Initial shear modulus G, (kPa) | 450
Compression index A 0.8207
Swelling index K 0.08946
Stress ratio at critical state M, 0.98
Compression yield stress onpi(ona)  (kPa) | 3.5
Viscoplastic parameter m' 18
Viscoplastic parameter c (1/s) | 1.0x 107
Structural parameter O raf (kPa) | 3.0
Structural parameter B 5
Parameters for Terzaghi’s model

Coefficient of volume compressibility m,  (kN/m®) | 0.010
Coefficient of consolidation ¢, (m’/year) | 5.0
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4.2.2 Comparison of Terzaghi’s Model and the Elasto-viscoplastic
Model

The prediction made with Terzaghi’s model was conducted according to the procedure
outlined in Karunawardena (2002). The analysis using the elasto-viscoplastic model was

conducted with the finite element method based on the finite deformation theory.

The laboratory test results, along with the predictions made with the two above models,
are shown in Figs. 4.3 and 4.4. The excess pore water pressure development/dissipation

predicted with these models is shown in Fig. 4.4.
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Fig. 4.5: Predicted excess pore water pressure behavior

It can be seen that the strain rates predicted by the two models match the experimental
results well, during the initial period. However, with the progress of time and at the end of
each incremental load, the strain predicted by the elasto-viscoplastic model is higher than
that predicted by Terzaghi’s model and more correlated with the experimental results. In
addition, the development of strain ceases in Terzaghi’s model after the dissipation of
excess pore water pressure, whereas the development of strain continues at a slow rate in
the elasto-viscoplastic model. These results confirm the assumption that the occurrence of
creep behavior is a continuous process and show that the model is capable of predicting
the observed creep behavior of peaty soil quite well during and after the complete
dissipation of excess pore water pressure. The rates for the void ratio match reasonably
well at the beginning, but drop drastically to zero at the end of Terzaghi’s solution, as

shown in Fig. 4.4

4.3 Model Performance of Settlement Prediction
Considering Different Layer Thicknesses

In the previous section of this chapter, it was shown that the model is capable of
predicting the observed creep behavior of peaty soil. This section is devoted to verifying
the model’s performance in predicting the effect of sample thickness on the consolidation
analysis of peaty soil. Firstly, the importance of the effect of sample thickness on the
consolidation analysis is explained together with relevant research findings. Then, this

phenomenon is numerically simulated by the elasto-viscoplastic model using the method
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proposed by Oka (2005). Finally, the model’s performance in predicting the effect of
sample thickness is verified against the results of consolidation tests on specimens with

different specimen heights.

4.3.1 Importance of the Effect of Sample Thickness on the
Consolidation Analysis

Defining a relevant field compression curve plays an important role in predicting field
settlements. This has been well discussed after observing that the deformations of clay in
the field are different from those predicted by the conventional methods using the
laboratory consolidation test results (e.g., Suklje 1969; Aboshi 1973; Ladd et al. 1977;
Oka et al. 1986; Tang and Imai 1995; Leroueil 1996; Oka 2005). The discrepancy might
be due mainly to the fact that the clay layer in the field may be several meters thick and
that the settlements may take place over a long period of time, whereas the clay specimen
tested in the laboratory is only a few centimeters thick and the settlement is usually only

monitored over an approximately 24-hour period.

In this regard, Ladd et al. (1977) and Jamiolkowski et al. (1985) indicated that there are
two extreme possibilities for the effect of sample thickness on a consolidation analysis,
namely, Hypothesis A and Hypothesis B. Hypothesis A assumes that creep occurs only
after the end of the primary consolidation (i.e., the complete dissipation of excess pore
water pressure). The results are shown by Curve A in Fig. 4.6 and are supported by the
findings of Mesri and Rokhsar (1974). Ladd et al. (1977) explained that Hypothesis A is
based on the simple relationship in which the strain-log time relationship is displaced in
proportion to the thickness (H) squared, an assumption used in conventional consolidation
analyses. Hypothesis B assumes that creep occurs during the whole consolidation process
and, as a result, the strain at the end of the primary consolidation is not unique. However,
it increases with sample thickness due to the time-dependant properties of the soil. The
results of this hypothesis are shown by Curve B and are supported by the experimental
studies of Barden (1969), Leroueil et al. (1985), Kabbaj et al. (1986), etc.

Meanwhile, Oka et al.(1986) pointed out that the effect of sample thickness on a
consolidation analysis is mainly due to the rate-sensitive behavior of soil and that it can
be successfully predicted by considering the difference in initial strain rates. Furthermore,
he emphasized that it is necessary to determine the initial volumetric strain rates
accurately, in order to account for the effect of sample thickness on the consolidation
analysis. This is because the initial volumetric strain of a thick sample in the field may
differ from that of the thin sample used in the laboratory tests under a one-dimensional

condition. Aboshi (1973) experimentally observed that the initial strain rate for thick
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sample is lower than that for the thin one. Aboshi’s (1973) experimental results indicate
that the real behavior of soil appears to correspond to Curve C, which lies between

Curves A and B, as shown in Fig. 4.6.
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Fig. 4.6: Consolidation of clay layers of different thicknesses
according to Hypotheses A and B

4.3.2 Numerical Simulation of the Effect of Sample Thickness on a
Consolidation Analysis

The effect of sample thickness on a peat consolidation analysis was numerically
simulated by the model, considering the difference in the initial strain rates of the samples.
In the model, viscoplastic parameter C(= \'/{6) /M ;:l) is related to the initial volumetric
strain rate (\'/{6) ). As such, parameter C, which represents \95)) , 1s used to verify the
effect of sample thickness on consolidation, as outlined by Oka (2005).

In the numerical simulation, a one-dimensional consolidation analysis was carried out
using the finite element method based on the finite strain theory, as given in Section 3.3.3.
The finite strain theory was applied since large deformations were expected in the peat
consolidation process. The analysis was conducted using a finite element mesh with an
element size of 0.4 cm x 0.4 cm in all cases. The top surface of the specimen was set to be
permeable, while the bottom and the side surfaces were set to be impermeable. Assuming
normally consolidated behavior, settlements were predicted for samples, 2 cm and 20 cm

in thickness, using the typical parameters for peaty clay found in Sri Lanka.
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Table 4.2: Parameters used in the numerical simulation of the effect of sample thickness

Parameter Value
Initial mean effective stress ono  (kPa) 12
Coefficient of earth pressure K, 0.53
Initial pore water pressure U, (kPa) 24
Coefficient of permeability k, (m/s) 1x108
Permeability change index C, 0.95
Elastic shear modulus G, (kPa) 800
Compression index 2 1.7176
Swelling index K 0.1145
Initial void ratio e 6.0
Compression yield stress ohn(on)  (kPa) 12
Stress ratio at maximum compression M, 0.9
Viscoplastic parameter m' 20
Viscoplastic parameter C (1/sH | 5x10°s'5x10",5x10"°
Structural parameter oy (kPa) 10.0
Structural parameter B 5.0

The parameters and the initial conditions of the analysis are shown in Table 4.2. An
excess pore water pressure of 25 kPa (two times greater than the compression yield stress)

was applied as the initial load in all cases (Oka 2005).

In the first analysis, the same C(=C()) value was assumed for both samples in spite of
the different thicknesses. In other words, it was assumed that the initial volumetric strain
rate (\'/{Z))) was the same for both the thick and the thin samples. The predicted strain for
the thick sample is shown as Curve B in Fig. 4.7. It indicates that the final strain for the
thick sample is almost the same as that for the thin sample; these results agree with
Hypothesis B explained by Ladd et al. (1977). In the second analysis, it was assumed that
the initial volumetric strain rates were inversely proportional to the square of the drainage
length of the samples and that this relationship yields an initial volumetric strain rate for
the thick sample that is 100 times smaller than that for the thin sample. In this case, the
model prediction for the thick sample follows Curve A in Fig. 4.7, and the resultant final
strain of the thick sample is less than that of the thin sample. This behavior is similar to
that in Hypothesis A described by Ladd et al. (1977), however, a quantitative difference
can be observed. In the final analysis, the initial volumetric strain of the thick sample was
assumed to be 10 times smaller than that of the thin sample, and thus, Curve C is obtained.

As indicated in Fig. 4.7, the predicted results are very sensitive to the value of
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C(= 1'/{6) /M ;kn ). Using the different C values by assuming the different initial strain rate
relationships for thin and thick samples, the following types of behavior can be obtained:

C=Cy(Hy/H)? for Curve A

Co(Hy/H)> <C<Cy for Curve C

C=C for Curve B
Time (days)
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Fig. 4.7: Numerical simulation of the effect of sample
thickness on settlement predictions

4.3.3 Consolidation Data for Peaty Soil with Different Sample Heights

Data from the consolidation model tests conducted on samples with different specimen
heights were reported by Kugan et al (2003). Tests were conducted using remolded peaty
clay obtained from sites along the Colombo-Katunayake Expressway project. The sample
thicknesses were 700 mm, 275 mm, and 20 mm, and labeled as large, medium, and small,
respectively. For the small-scale tests, a conventional oedometer was used, while for the
large- and medium-scale models with diameters of 500 mm and 203 mm, respectively,
locally fabricated devices with direct loading were adopted. A description of the test setup
used in the experimental work is given in Table 4.3, and the schematic diagram of the
large-scale model is shown in Fig. 4.8.
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Table 4.3: Description of the test setup

Name Large scale Medium scale Small scale*
Height (mm)- H 700 275 20
Diameter (mm)- D 500 203 50

H/D ratio 1.4 1.35 0.4
Drainage condition Top Top Top and bottom
Load Direct loading Direct loading Loading lever

* A conventional oedometer was used.
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Fig. 4.8: Schematic diagram of the large scale model

In the large- and medium-scale tests, drainage was allowed only at the top, while in the
small-scale test, drainage was allowed at both the top and the bottom of the sample. In all
the tests, the load was applied in increments of 5 kN/m?, up to a final pressure of 30 kPa.
In this testing program, it was assumed that the time required for a certain degree of

consolidation is proportional to the square of the drainage length of the samples.

b tm 4.1
Y P () D

where indices /,m,s refer to the large-, the medium-, and the small-scale models,
respectively. In the large-scale model, load incrementing was done at a time interval of 2
days. According to Eq. (4.1), the degree of consolidation that was achieved in the large-
scale model due to maintaining a particular load over a 2-day time period, can be
achieved in the medium-scale test by maintaining the same load for 7 hours and 25
minutes. For the small-scale test, the drainage length of the sample is 10 mm and the
corresponding time interval for the load increment becomes 30 s. After reaching the final
load of 30 kPa, the samples were allowed to consolidate for a long period of time while

maintaining the identical conditions; the settlements were monitored during that time.
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It can be seen in the above experimental data that the large-scale and the medium-scale
tests provide the most comparable data for investigating the effect of the sample thickness
phenomena. As indicated in Table 4.3, both tests have almost equal height/diameter ratios,
drainage conditions, etc. Not only were the above conditions controlled, but the duration
of the preparatory consolidation was controlled in such a way that suited a comparison of

the effects of sample thickness on a consolidation analysis.

The importance of controlling the preparatory consolidation time in verifying the effect of
sample thickness tests has been emphasized by Mesri (1985). It can be illustrated using
the following figure.

Prezaratory consolidation time

Ae thin Ae thick

Void ratio (e)

Log stress

Fig. 4.9: Importance of controlling the preparatory consolidation time

There is a strong possibility that the thin sample will experience a larger secondary
compression under the preparatory load than the thick sample, if the consolidation period
is not carefully monitored. This is due to the much shorter duration of the primary
consolidation stage for the thin sample. As indicated in Fig. 4.9, this might result in the
thin sample being compressed (point 2) more than the thick sample (point 1) in the
preparatory consolidation. Under this condition, the thick sample would compress more
than the thin sample during the next loading increment. Comparing the strain-log time
relationships of the two samples would not be appropriate, as their initial conditions are
different. The above description indicates that it is necessary to carefully control the
preparatory consolidation period in order to have the same initial conditions for both the

thin and the thick samples for the load increments considered for comparison here.

In the above experiments, the preparatory consolidation time for the thick sample was 2
days and that for the thin sample was selected using Eq. (4.1). Therefore, if we assume
that a simple H* law is valid for consolidation, then both thin and thick samples

underwent the same degree of consolidation due to the preparatory consolidation load.
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4.3.4 Prediction of the Observed Settlements

The observed consolidation behavior for the large- and the medium-scale models, due to
load increments of 5-30 kPa, was numerically simulated using the model. An initial load
increment of 0-5 kPa was taken as the preparatory consolidation. At the end of the

preparatory consolidation period, each sample yielded the following conditions.

Table 4.4: Preparatory consolidation data

Medium scale Large scale
Time duration 7 hours and 25 min 2 days
Initial void ratio 5.960 6.283
Initial sample thickness 275 mm 700 mm
Settlement 9.15 mm 31.48 mm
Void ratio at the end of consolidation 5.728 6.051
Sample height at the end of consolidation 265.8 mm 668.5 mm
Strain at the end of consolidation 3.33% 4.49%
Average strain rate 7.477 x 10 %/min | 1.561 x 10~ %/min

The initial conditions required for the analysis of the consolidation behavior for load
increments of 5-30 kPa were evaluated using the data listed in Table 4.4. The finite
element meshes were based on the new sample heights used in the analysis and are shown
in Fig. 4.10.

Permeable boundary
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I |
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|
I | s 0 | | | Impermeable
1725 mm x 1 d
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| | I |
/ Impermeable /
L) boundary
25 mm 25 mm
Medium-scale model Large-scale model

Fig. 4.10: Finite element meshes used in the analysis
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The parameters applied in the analysis are listed in Table 4.5. It should be noted that all
the parameters, except for viscoplastic parameter C, are the same as those listed in Table
4.1 which was used in the model validation. Initially, the simulation was done for the
medium-scale sample. When the value of viscoplastic parameter C was equal to 5.0 x 10
’s™, a good correlation was found between the model predictions and the experimental
results. Then, the prediction was made for the large-scale model using the same material
parameters, except for the initial void ratio and viscoplastic parameter C . The initial void
ratio was taken from the experimental results, while parameter C was derived from the
observed initial strain rate ratio between the large- and the medium-scale tests. According
to the values in Table 4.4, the ratio of the initial strain rates for the medium- to large-scale
tests was found to be around 5. In proportion to that, the initial viscoplastic strain rate for
the large-scale tests became 1.0x 10”s™ with reference to the medium-scale value of 5.0 x
107s™". The predicted results using the above values and the experimental data are shown
in Fig. 4.11. It can be seen that the strain rates predicted by the model, considering the

difference in initial volumetric strain rates, agree well with those in the experimental data.

Table 4.5: Parameters used in the settlement prediction of peat samples with

different thicknesses
Parameter Value
Initial void ratio e 598" 5.728" 6.051"
Initial vertical effective stress ol (kPa)| 5
Coefficient of earth pressure K, 0.55
Coefficient of permeability ko (m/s) 4x10°
Permeability change index C, 0.95
Elastic shear modulus G, (kPa) 450
Compression index 2 0.8207
Swelling index K 0.08946
Compression yield stress ool (kPa) 3.5
Stress ratio at maximum compression M, 0.98
Viscoplastic parameter m' 18
Viscoplastic parameter C (1/s) | 1x10™, 5x107%, 1x 107"
Structural parameter o,y (kPa) | 30
Structural parameter B 5.0
+ small scale model # medium scale model * large scale model
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Fig. 4.11: Strain predicted by considering the difference in initial strain rates

At the same time, an analysis was carried out by selecting a parameter C that was
inversely proportional to the square of the drainage length of the samples. In this case, the
C value for the thick sample became about 6 times smaller than that for the thin sample.
Since this value was closer to the C value used in the previous analysis (the C value was
based on the difference in initial volumetric strain rates between the thin and the thick

samples), the predicted results are almost equal to those of the previous analysis.
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Fig. 4.12: Strain predicted by considering the same initial strain rates for
the thick and the thin samples

Fig. 4.12 shows the predictions made by assuming the same value for C, namely, 5 x 107
s, in other words, by considering the same initial volumetric strain rates for both the thin

and the thick samples. In this case, the predicted strain for the thick sample overestimates
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the observed strain rates. The numerical analysis performed in Section 4.3.2 indicates that
the results of an analysis conducted by the model and using the same initial volumetric
strain rates (the same C') correspond to the results based on Hypothesis B mentioned in
Ladd et al.(1977). As indicated in Fig. 4.12, therefore, the unique strain-log time
relationship based on Hypothesis B does not produce representative results for the present

analysis.

Fig. 4.13 compares the measured and the predicted strain rates, using the elasto-
viscoplastic model for the normally consolidated behavior for load increments of 5-30
kPa in the oedometer tests. The same parameters listed in Table 4.5 are used for the
analysis, except for viscoplastic parameter C. In this case, the specimens were 50 mm in
diameter and 20 mm in height, and drainage was allowed from both ends. These test
conditions were quite different from those which prevailed in the medium- and the large-
scale model tests (different drainage conditions and different heights/diameters). Due to
these different test conditions, a direct comparison of the initial strain rates between the
oedometer tests and the medium- or the large-scale tests was not logical. However, the
results of this experiment, as well as those from other research works, indicate that thin
samples exhibit higher initial strain rates than thick samples. Considering this fact, a
higher C value for 1 x 107%™ was used in the predictions. As shown in Fig. 4.13, the
predicted results for the small-scale sample with a higher C value than those of the large-

and the medium-scale samples, agree reasonably well with the experimental data.
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Fig. 4.13: Predicted settlement for the oedometer tests considering high
initial strain rate

Fig. 4.14 shows the predicted strain-log time relationship for oedometer, medium- , and

large-scale tests considering the difference in the initial volumetric strain rates (\'/(%))
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together with the relevant experimental results. The predicted results show a reasonable
agreement with the experimental data. It can be concluded, therefore, that the effect of
sample thickness on the consolidation analysis of peaty clay, can be successfully

predicted by the model considering the difference in initial strain rates among the samples.
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Fig. 4.14: Model performance of the settlement prediction for different
layer thicknesses

Therefore, it can be concluded that the effect of using the results of laboratory tests on a
thin soil specimen to predict the development of strain with time for thick soil layers in
the field can be successfully predicted by the model having considered the difference in

initial strain rates.

4.4 Experimental Verification of the Relation between
Parameter m' and C_/C,

In this section, the validity of the interpretation of parameter m’ and the C, /C, ratio,
described in Section 3.2.2, is experimentally verified. As derived in Section 3.2.2,

parameter m’ and the C,, /C,. ratio of the soil are interrelated as follows:

ml — CC - CS (4.2)

The validation is done by comparing the m' values calculated from the original definition
(Eq. 4.4) and the relationship given by Eq. 4.2.
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As outlined by Kimoto (2003), the original definition of parameter m' is based on the

results of undrained triaxial compression tests with different strain rates. When undrained

triaxial tests with different strain rates, namely, é(l) and 3(2) , are performed, the
Y. & 11 p

following equations are obtained at the point where the mean effective stress takes the

same value in the stress path.

(1) M) (2)
ALl \E a ) (e 43)
+(2) 3|\ oy, o'm

1
/ IneW_1ne?
m' = % 11 11 (4.4)

) (2)
g ) ([ q
(Ulm j [O"m ]

A series of stage-loading consolidation tests, long-term consolidation tests, and strain-

controlled undrained triaxial compression tests were carried out for soft clays found in the
Aji River area and Higashi Osaka, Osaka, Japan. The results for each type of clay are
given in Figs. 4.15 and 4.16, respectively, and the material parameters determined from
the results are listed in Table 4.6.

!

The void ratio e vs. log of the vertical effective stress, o,

relationship obtained from the
stage-loading oedometer tests is shown in (a) of each figure, and material parameters A

and x were determined from the e —logo, relation.

The void ratio for the e vs. log time, obtained from the long-term consolidation tests, is
shown in (b) of each figure, and material parameter C, was determined from the slope

after the primary consolidation of the e —log Time relation.

The stress paths obtained from the undrained triaxial tests with two different strain rates
are shown in (c) of each figure, and critical state parameter M ;; was obtained from the
slope of the critical state line. The relation between the stress ratio, g/o,,, and the
logarithm of the axial strain is shown in (d) of each figure, and rate parameter m' was
obtained from the straight lines given in (d) by applying the method described in Eq. (4.4).
The lines in the figure are not rigorously parallel to each other. However, m’ was
determined as an average value by assuming m' as a constant value for a particular type
of soil (Mesri et al.1977; Adachi et al.1984).
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Fig. 4.15(a): Void ratio vs. Log (stress) relationship
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Fig. 4.15(b): Void ratio vs. Log (time) relationship in long-term consolidation tests
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Fig. 4.15: Experimental results for soft marine clay found around Aji River, Osaka, Japan
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Fig. 4.16(a): Void ratio vs. Log (stress) relationship
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Fig. 4.16(b): Void ratio vs. Log (time) relationship in long-term consolidation tests
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Fig. 4.16: Experimental results for soft marine clay found in Higashi Osaka, Osaka, Japan
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The determined material parameters and the calculated m’ values, using the above two
methods, are listed in Table 4.6. The calculated results for the two methods have shown a

reasonable agreement.

Table 4.6: Summary of the test results and the estimated m' values

Aji clay Higashi Osaka clay
C. 0.737 0.960
C, 0.111 0.129
C, 0.025 0.039
M; 1.45 1.47
' Cc _Cs
m'=—=
Mmic, 21 18
w= 5 i 1neC) 23 22
2 1 2
2 q M (4 @)
o' o'

Mesri et al. (1997) reported that the C,, /C,. concept of compressibility explains and
predicts the secondary compression behavior of geotechnical materials. Mesri (1973) also
considered the relationship between C, and C., and concluded that soils which are
highly compressible in the primary phase would show high compressibility in the
secondary phase as well. The experimental results indicated in Table 4.6 agree well with
this conclusion of Mesri et al. (1973). Higashi Osaka clay, which shows a highly
compressible primary characteristic (high C,. ), yields high creep settlements compared to
Aji clay which shows a lower compression index and coefficient of secondary
consolidation. Subsequently, model parameter m' yields a lower value for highly
compressible Higashi Osaka clay than that for lowly compressible Aji Clay.

4.5 Summary and Remarks

In this chapter, the elasto-viscoplastic model has been validated against laboratory

consolidation test data on peaty soil.

e A model prediction was made to simulate the observed one-dimensional
consolidation settlements, and then the settlements were compared to those

predicted by Terzaghi’s consolidation theory. The results indicate that the model is
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capable of predicting observed creep settlements quite well, indicating that the
model assumption for creep behavior as a whole process is more realistic for peat

consolidation.

The model performance of the effect of sample thickness in the prediction of
settlements was verified against the consolidation model tests on specimens with
different heights. The simulation confirms that the effect of using the results of
laboratory tests on a thin soil specimen to predict the development of strain with
time for thick soil layers in the field can be successfully predicted by the model

having considered the difference in initial strain rates.

The mathematically derived relationship between viscoplastic parameter m' and
C, /C. was experimentally validated by simultaneously conducting laboratory
consolidation tests and triaxial tests on soft marine clay. Therefore, the
determination of viscoplastic parameter m’', based on consolidation test results, is

acceptable.
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Chapter 5

PREDICTION OF THE
ONE-DIMENSIONAL
CONSOLIDATION BEHAVIOR
OF PEATY CLAY IN THE FIELD

5.1 Introduction

The elasto-viscoplastic model was described and validated in Chapters 3 and 4, and its
performance in predicting the field consolidation behavior of peaty clay due to one-
dimensional compression is verified in this chapter. For this purpose, the model is used to
back analyze instrumented earth fill constructed on peaty clay. Approximating the soil
strain as one dimensional is reasonable for this project, because the dimensions of the
loaded area are significantly large relative to the thickness of the compressible layer.
Karunawardena (2002), Karunawardeana and Kulathilaka (2003) attempted to analyze the
same problem using the finite difference program based on Terzaghi’s one-dimensional
consolidation theory. The observed settlements were found to be greater than the
predicted ones, indicating the possibility that some amount of secondary consolidation
had taken place even before the excess pore water pressure was completely dissipated. In
addition, even predictions made through the use of different coefficients of consolidation

could not match the observed pattern of excess pore water pressure generation/dissipation.

Therefore, with the understanding of the limitations and the shortcomings of Terzaghi’s
theory of consolidation for peat consolidation problems, the same problem is analyzed
using the elasto-viscoplastc model. The work is aimed at confirming the importance of

considering applied analysis methods, such as finite strain, when modeling the field
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consolidation behavior of peat. In order to do that, computations are made by the model
based on the infinitesimal strain and the finite strain theories to explore how these two
approaches describe the observed behavior. Moreover, the influence of the degradation of
the microstructure induced by the applied loads on the consolidation of peat is verified by
performing a separate analysis which considers finite strain together with the degradation
effect. Details are given on the geotechnical profile, field instrumentation, laboratory test

results, and the determination of the soil parameters for the numerical modeling.

5.2 Description of the Project

An area of marshy land, mainly comprised of peaty soil, was reclaimed for an
infrastructure development project near the capital of Sri Lanka in the year 2000. The
average original ground elevation varied from 0.2 m above MSL to 0.5 m above MSL.
The ground water table was almost at surface level and the site was subjected to frequent
flooding. Therefore, it was necessary to raise the ground level above the anticipated
highest flood level by filling prior to any construction. It was also necessary to improve
the highly compressible nature of the peaty soil in order to make it suitable for supporting
the infrastructural developments which had been proposed under the project. In order to
accomplish these objectives, controlled earth fill was constructed and monitored both

during and for a long period after the construction.
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Fig. 5.1: Plan view of the fill and the instrumentation location
The plane view of the fill and the location of the instruments which were considered in

the analysis are shown in Fig. 5.1. As shown in the figure, the extent of the fill area is

about 2.4 hectares and the instruments are located around the center of the fill area. The
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fill was placed and compacted in layers under controlled conditions. The earth fill was
constructed by placing fill material in uniform layers not exceeding 300 mm in loose lift
thickness per layer. Then, each layer was compacted to a minimum of 95% of the
standard proctor maximum density. The loading curve that denotes the construction
history of the fill is shown in Fig. 5.2. The stress in the loading curve was calculated as
the product of the fill thickness and the total unit weight of the fill based on field records.
The field density test results indicate that the total unit weight of the fill varied from 15
kN/m’ to 18 kN/m’.
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Fig. 5.2: Construction history of the fill

The field rate of consolidation was evaluated in this project by the independent field
monitoring of the pore pressure and the settlements. Piezometers were installed in the
middle of the peat layer (depth: 2.5 m). The pore pressure development in the peat layer
with further placement of the fill and the subsequent dissipation with time were
monitored daily. Settlement gauges were set just above the peat layer after the placement
of nominal fill 300 mm in thickness. The settlement of the peat layer during the additional
filling and during the consolidation phase was captured through these settlement gauges.

The locations of the instruments are shown in Fig. 5.3.
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Fig. 5.3: Locations of the field instruments
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Before the filling was started, a detailed soil investigation program was conducted in
order to establish the relevant soil parameters. The subsoil condition in the
instrumented fill area was investigated with 3 boreholes and 8 auger holes, and
undisturbed samples were taken for use in the laboratory tests. The assumed subsoil
profile was based on the borehole log data, and is shown in Fig. 5.4. It consists of a
clay/silty sand layer, about 0.5 m in thickness, as the top soil with roots of vegetation.
However, this layer was removed before filling process was begun. Below that, a very
soft peat layer, about 5 m in thickness, is encountered. The peat is underlain by a
relatively incompressible fine to medium sandy silt, about 2.5 m in thickness,
overlying the dense to very dense sand layer which was found to exist up to the
termination depth of boreholes. The average physical properties of the peat layer are

also given in Fig. 5.4.
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Fig. 5.4: Subsurface profile at the site

5.3 Determination of the Soil Parameters

The parameters for the analysis were determined using the laboratory and the field tests

conducted during the project period, following the procedure outlined in Section 3.4.

The compression index, A, and the swelling index, x, are determined using the

oedometer test results. The value of the initial coefficient of permeability, ky, was

assumed to be equal to the value obtained from the field permeability tests conducted on

peaty clay, with similar physical properties, found in the vicinity of the site. The

permeability change index, C}., was deduced from the variations in permeability and the

void ratio observed in the oedometer test (Fig. 5.5). The value of stress ratio 77;77; at
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the critical state, M m* , was determined from the slope of the critical state line of the
triaxial tests. The viscoplastic parameter, m', was determined using the relationship
mentioned in Eq. (3.103). For that, required compression index A and swelling index x
were taken from the stage-loading oedometer test, and the coefficient of secondary
consolidation was taken from the long-term consolidation test results. The coefficient of
lateral earth pressure at rest, K, was 0.53, as recommended by Edil and Dhowian (1981)
for amorphous peaty clay.

The results of the stage-loading oedometer test and the long-term consolidation test,
conducted on undisturbed peaty samples collected from the site, are shown in Figs. 5.6

and 5.7, respectively.
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Fig. 5.7: Void ratio-logarithmic time curves from stage-loading consolidation test

The compression yield stress, ©,;;;, was related to the preconsolidation pressure

determined through the oedometer test. The viscoplastic parameter,C, the degradation

79



parameter, S, the structural parameter, O maf> and the initial shear modulus, G, were
determined by simulating the stress-strain curves of the undrained triaxial tests. For this
purpose, data on triaxial tests with different confining pressure levels, conducted on
undisturbed peaty samples collected from the peat layer at the site, were used. These tests
were performed to evaluate the shear strength of the soil, which is necessary in order to

specify the construction program during the design stage of the fill.

Numerical simulations of undrained triaxial compression tests were performed using a
one-element program based on the constitutive relations of the model. The program was
developed by employing a numerical approximation, namely, the Runge-Kutta method,
and giving compressive strain rates of (£11,€22,633) = (€11,—=&11,—=¢&11) under the
triaxial stress state (Kimoto 2002). The strain rate of 0.11%/min was maintained in all
three triaxial tests and simulations were conducted using the same rate. The parameters

used in the simulation are listed in Table 5.1.

Table 5.1: Parameters used in the triaxial simulation

Parameters Values
Strain rate & (%/min) | 0.11
Initial void ratio e 5.7,54,5.0
Initial elastic shear modulus” G, (kPa) | 800
Compression index A 1.7163
Swelling index K 0.1151
Stress ratio at critical state M) 0.95
Compression yield stress oy (Ohat) (kPa) | 35,50,75
Viscoplastic parameter m' 22
Viscoplastic parameter# C (1/s) | 1.0x 1077
Structural parameter * O maf (kPa) | 0.7 o),
Structural parameter ” B 5

From the triaxial test stress—strain relationship

The results of the numerical simulation of the triaxial test results are shown in Figs. 5.8
and 5.9. The results of the simulation of the stress-strain behavior agree well with the
experimental data when the values mentioned in Table 5.1 are assumed for parameters
C.pB .0 > and G . The initial part of the stress path predicted by the numerical
simulation deviates quite a bit from that in the experimental results; however, the
prediction for the failure condition was satisfactory. Due to the present impossibility of
measuring the effective stress directly, it is determined as the difference between the total

stress and the pore pressure by measuring the increment of the pore pressure when a load
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is applied. Subsequently, the pore pressure being measured by the present method is the
pressure in the water being squeezed out. The actual pressure of the bound water between
the particles remains unknown until it begins to be squeezed out. For the above reasons,
the measured pore pressure might not have represented the actual pore pressure and the
application of the stress path could lead to inaccuracies in the experiments.
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Fig. 5.8: Simulation of the stress-strain behavior
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Fig. 5.9: Simulation of the stress paths

In addition, the specimen tested may not be representative of the insitu material due, for
example, to sample disturbance, changes in moisture content between the field and the
laboratory, also the specimen may not be representative of the poorer performing insitu
peat under consideration.
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The complete set of parameters used in the simulation of the field consolidation behavior
due to the construction of compacted earth fill is shown in Table 5.2. All the analyses
described in the following sections are based on these parameters.

Table 5.2: Parameters used in the analysis of a one-dimensional field
consolidation problem

Parameters Values
Initial void ratio ey 6.28
Initial vertical effective stress one (kPa) 10.257
Coefficient of earth pressure at rest X, 0.53
Coefficient of permeability k, (m/s) |1.5x107
Change in permeability index C, 0.8
Initial shear modulus G, (kPa) | 800
Compression index A 1.7163
Swelling index K 0.1151
Stress ratio at critical state M, 0.95
Compression yield stress ol n(oh)  (kPa) | 12.5"
Viscoplastic parameter m' 22
Viscoplastic parameter C (1/s) | 1.0x 10
Structural parameter O maf (kPa) | 0.7 o),
Structural parameter B 5

# At adepth of 2.5 m

5.4 Numerical Details for the Analysis

The finite element mesh, the boundary conditions, the time increment, and the initial

conditions used in both analyses are described in the following section.

The subsurface profile indicates that a peat layer, about 5 m in thickness, is underlain by a
relatively rigid and permeable layer, as shown in Fig. 5.4. Under the same conditions, the
peat layer is inelastic and much more compressible than the other layers. Therefore, only
the peat layer was considered in the modeling. The peat layer was assumed to be
subjected to one-dimensional compression as the dimensions of the loaded area were
significantly large relative to the thickness of the peat layer. A finite element mesh with
twenty-five elements was used to discretize the peat layer in the analyses. The size of
each element was 0.2 m x 0.5 m. The bottom boundary was assumed to be perfectly

drained due to the existence of a medium-dense to dense sandy silt layer. Further
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investigation revealed that the compacted fill behaved as in impermeable layer, and
therefore, the top boundary was assumed to be impermeable for simulating the field
conditions. The bottom boundary was ascribed the condition of zero displacement. The
horizontal displacement was fixed, but vertical movement was allowed. The finite

element mesh and the boundary conditions used in all the analyses are shown in Fig. 5.10.
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Fig. 5.10: Finite element mesh and boundary conditions

The excess pore water pressure was initially assumed to be zero in all the analyses.
Numerical calculations were performed to model the actual construction sequence for
the fill, which was raised up to a thickness of about 3 m, as shown in Fig. 5.2. The filling
process was simulated by applying incremental vertical loads to the upper boundary. The
time increments for the analyses were selected as follows: a small time increment of Az
= 10 s was used in all the loading stages. For the other stages, a relatively large time

increment of 100 s was adopted.

5.5 Prediction of the Field Behavior using the
Infinitesimal Strain Theory

The numerical analysis of the consolidation behavior of the instrumented earth fill
constructed on peaty clay (reported in Section 5.2), using the elasto-viscoplastic model
which considers the infinitesimal strain theory, is explained in this section. In the analysis,

the degradation of the microstructure induced by the applied loads is not considered.
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For the infinitesimal deformation analysis, a basic kinematics assumption exists whereby
the difference between the reference configuration and the subsequent configuration is
negligible. This means that in the infinitesimal strain analysis, it is assumed that both the
size and the position of the element remain the same over time and that any deformations
that do take place in the soil element are assumed to be small in comparison to the size of
the element. In this case, the selection of stress and strain measurements is unique. Since
any local rotations can be ignored, the material time derivatives for stress and strain are
objective, and therefore, can be directly applied in the constitutive formulation. Due to
these features, the constitutive model can usually be formulated in a concise mathematical

form based on infinitesimal theories.

In the finite element formulation, it is assumed that the soil is a two-phase porous medium
in which the pores are completely saturated with water, and that the soil particles and the
pore water are incompressible. For a boundary value problem related to a soil-water
coupled consolidation problem, the finite element method based on Biot’s two-phase
mixture theory (Biot 1962) is adopted. A four-node quadrilateral element with a reduced
Gaussian two-point integration is used for the displacement (Fig. 5.11), and the pore

water pressure is defined at the center of each element based on Akai and Tamura (1978).

Displacement node
X Gauss quadrature point

Fig. 5.11: Four-node isoparametric element for displacement interpolation

The procedures for discretizing the equilibrium equation, the continuity equation, and the
governing equation, which combines the discretized form of both the equilibrium and the
continuity equations used in the finite formulation which assumes the infinitesimal strain
theory, are described in Appendix Al. The constitutive equations outlined in Section 3.2
are incorporated into the aforementioned finite element formulation and the analysis is
carried out to simulate the excess pore water and the cumulative settlements observed in
the field due to the gradual construction of the compacted earth fill. In the analysis, the
material parameters listed in Table 5.2 are used, and the adopted numerical details are
given in Section 5.4. It should be noted that the structural parameters are not used
(f=0), since the effect of the structural degradation is not considered in the present

analysis.
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The observed field behavior, namely, the cumulative settlement and the excess pore
water pressure, were compared with the calculated results. The predicted and the
observed excess pore water pressure in the middle of the peat layer (depth: 2.5 m) are
presented in Fig. 5.12. The field pore water pressure measurements show the sudden rise
in pore pressure associated with stage loading and reach around 30 kPa at the
completion of the fill. When this behavior is compared with the predicted behavior,
assuming infinitesimal strain in the initial stages, the predicted results agree to some
extent with the observed results. However, the predicted pore water pressure gradually
deviates from the observed values with further loading and significantly overestimates

the monitored values at the completion of the fill.
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Fig. 5.12: Excess pore water prediction assuming infinitesimal strain
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Fig. 5.13: Settlement prediction assuming infinitesimal strain
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The predicted settlements which assume infinitesimal deformations are compared with
the representative field settlements in Fig. 5.13. The figure indicates that during the initial
period in which smaller loads were being applied, the difference between the predicted
and the observed settlements are not so distinguishable. However, once the loading is
increased with time, due to the gradual placement of the fill, the observed settlements are

significantly overestimated by the prediction.

5.6 Prediction of the Field Behavior using the Finite
Deformation Theory

It is understood that the analysis based on the infinitesimal strain theory has produced
poor simulation results due to the observed large strain in the field (a field settlement of
1.5 m was recorded). The analysis confirms that, in the case of peaty soils, finite
deformation is more important than infinitesimal deformation. This is because these soils
are easy to deform even under small stress levels and the magnitude of the deformation at
the end of the loading is large. Taking all of this into account, the analysis was carried out

using the model based on the finite deformation theory.

For finite strain problems, the difference between the reference configuration and all the
subsequent configurations cannot be disregarded as with infinitesimal strain problems.
The rigid rotation and the objectivity of the material must be carefully treated in the
constitutive formulations. The selection of stress and strain measures is not unique, and
the material time derivatives of the spatial stress and strain rates are no longer objective.
All these facts complicate the mathematical formulation and the numerical analysis of the

model based on finite strain.

In the present analysis, finite deformation is taken into account using the updated
Lagrangian method with the objective Jaumann rate of Cauchy stress for a weak form of
the equilibrium equation. An eight-node quadrilateral element with reduced Gaussian
two-point integration is used for the displacement. Biot’s two-phase mixture theory is
used with a velocity pore pressure formulation and the pore water pressure is defined at
the four corner nodes of the element. The finite element formulation was based on the
finite deformation theory and was shown in detail in Section 3.3.3. Following the
described finite element formulation, the elasto-viscoplastic model presented in Chapter 3
was formulated for the finite deformation and the analysis was conducted to simulate the
observed field behavior. The material parameters and the numerical details are the same

as for the infinitesimal strain analysis.
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The predicted excess pore water pressure and the settlement based on the finite
deformation theory are shown in Figs. 5.14 and 5.15, respectively, together with the
corresponding measured data. The predicted results obtained from the infinitesimal strain
analyses are also shown for comparison in these figures. As shown in Fig. 5.14, the
predicted excess pore water pressure using finite strain shows a poor agreement with the
observed field data which reached around 30 kPa at the completion of the fill load of 46
kPa, and dissipated only about 10 kPa during the following year. These results indicate
that the predicted pore water pressure is less than the observed value from the beginning
and, as a result, the observed maximum field pore water pressure at the completion of the
fill is highly underestimated by the prediction.
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Fig. 5.14: Prediction of excess pore water pressure based on finite
strain, infinitesimal strain, and the corresponding field data
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Fig. 5.15: Prediction of settlements based on finite strain,
infinitesimal strain, and the corresponding field data
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Unlike the excess pore water prediction, the comparison of the field settlements and the
predicted settlements with the finite deformation theory shows a good qualitative
agreement even though it underestimates quantitatively (Fig. 5.15). However, the field
settlement that advanced at a much faster rate during the early stages of loading could not
be captured by the prediction.

5.6.1 Comparison of the Results from Finite Strain with Infinitesimal
Deformation Analyses

In order to gain insight into whether or not the finite deformation theory must be applied
in peat consolidation problems, the results predicted with finite deformation are compared
with those made with the infinitesimal strain theory. As can be clearly seen in Fig. 5.14,
the predicted excess pore water pressure is less for the finite deformation solution than for
the small deformation solution. Fig. 5.15 shows that the settlements predicted by the finite
deformation theory are always smaller than those predicted by the infinitesimal
deformation theory. Also, as seen in Fig. 5.15, the difference in the predicted settlements
between the finite deformation computations and the infinitesimal deformation
computations increases with an increasing magnitude of load with time. This stiffening
nature in finite deformation computations comes from changes in the geometry (i.e.,
decrease in soil layer height) which in turn cause a decrease in drainage due to the applied
compressive force. A decrease in the drainage path would result in lower pore water
pressure for the finite deformation analysis than for the infinitesimal case. This behavior
in the finite deformation analysis reveals that changes in the geometry cause the rate of

consolidation to become faster than that in the infinitesimal deformation case.

5.7 Prediction of the Field Behavior using the Finite
Strain Theory and Considering the Effect of
Degradation

As presented in the above figures, the field pore water pressure measurements show a
sudden rise in pore pressure with stage loading and reach around 30 kPa at the completion
of the fill. After the completion, no significant dissipation of excess pore water pressure
actually takes place in the field. However, field settlements advance without any
significant dissipation of excess pore water pressure. As a result of this contradictory

tendency, the predicted results, particularly the excess pore water pressure described in
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the proceeding sections, show completely different types of behavior during the
consolidation period.

This unusual phenomenon, namely, the settlement advances without significant
dissipation in the excess pore water pressure, has been observed during many
construction projects on soft soil deposits around the world. For example, Lavellee et al.
(1992) reported that the pore water pressure measured by several piezometers beneath the
Olga-C test embankment was seen to become stagnant during the period of no
construction. During this period, significant settlement was also reported along the center
line of the embankment. Jardine and Hight (1987) reported that a significant settlement
occurred in spite of the slow rate of dissipation in pore water pressure observed after the
end of the embankment construction over the soft clay. There are various possible
explanations for this kind of unusual pore water pressure dissipation and continuing
deformation after the end of construction. Mesri and Choi (1979, 1985) pointed out that
the additional pore water pressure appearing during consolidation is generated due to the
collapse of the clay structure. In 20" Terzaghi Lecture, Mitchell (1986) described that this
phenomenon occurs during consolidation as a result of the structural degradation of soft

overconsolidated clay when the current stress state exceeds the preconsolidation pressure.

Kimoto and Oka (2005) have numerically simulated this phenomenon by introducing the
degradation of the microstructure induced by applied loads in the consolidation process.
They proposed a method to account for the effect of structural degradation, by
introducing viscoplastic strain softening in addition to strain hardening with viscoplastic
volumetric strain. As a result, the degradation of the soil structure induces a slower
increase in size of the hardening surface and the static yield surface than that of the pure
volumetric hardening case. The detailed procedure for taking the structural degradation
effect into account was described in Section 3.2.5. By adopting the same procedure for
the finite deformation theory, the analysis was carried out to simulate the field behavior of
the peaty clay layer due to the construction of compacted earth fill described in the above
sections. The material parameters used for the analysis are listed in Table 5.2. The
numerical details, such as the finite element mesh and the boundary conditions, are the

same as those used for the previous analysis and described in Section 5.4.

The excess pore water pressure predicted by considering finite deformation and the effect
of degradation is shown in Fig. 5.16 with the corresponding field measurements. The
observed behavior is predicted accurately by the model during and after the construction
of the fill. The sharp peaks of the simulated results, which represent sudden increases in
pore pressure associated with loading, show a good agreement with the field

measurements. In addition to the observed maximum pore pressure due to the
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construction of the fill, the stagnated type of pore pressure dissipation observed after the
construction is predicted well by the model.
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Fig. 5.16: Excess pore water prediction based on finite strain
considering the effect of degradation
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Fig. 5.17: Settlement prediction based on finite strain considering
the effect of degradation

The measured and the simulated surface settlement—time curves are shown in Fig. 5.17.
Unlike the settlements predicted by the model based on the finite strain alone (Fig. 5.15),
the early stage settlements due to the initial loading are captured well by the model, once
it considers the effect of degradation with finite strain. This might be due to the ability of
the model to account for the sudden increase in settlements associated with the
degradation of the soil structure, which plays an important role in predicting the

consolidation settlements of natural soil deposits. Also, as indicated in Fig. 5.17, the
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predicted settlements advance in a similar way to the field measurements, providing a

better agreement.

5.8 Comparison of the Results and a Discussion

The excess pore water pressure in the middle of the peat layer (depth: 2.5) predicted by
the model considering infinitesimal strain, finite strain alone, and finite strain together
with the effect of structural degradation is shown in Fig. 5.18 with the corresponding field
measurements. The loading curve showing the construction history of the fill (Fig. 5.2) is

also given in the figure for clarification.
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Fig. 5.18: Excess pore water pressure-time profile

The curve indicates that the field pore water pressure reached around 30 kPa at the
completion of the fill due to a load of 46 kPa. After the completion of the fill, the
quantity of dissipated excess pore water pressure was only about 10 kPa during the
following year. When this behavior is compared with the predicted behavior, it is seen
that the prediction made by the infinitesimal strain theory overestimates the observed
excess pore water pressure. In contrast, the finite strain theory underestimates this value
when it is compared with the observed field data. Only the predictions made by the finite
strain theory with structural degradation show a remarkable agreement with the observed
field behavior. The above results indicate that when predicting excess pore water pressure
behavior in highly compressible materials like peat, it is necessary to consider changes in

the geometry (decrease in soil layer height) in order to account for the correct drainage
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path. Moreover, it is essential to consider the effect of structural degradation along with

other variables in order to simulate the stagnated pore pressure observed after the

construction.
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Fig. 5.19: Settlement-time profile beneath the fill

A comparison of the predicted and the actual settlements is presented in Fig. 5.19. The
field settlement data indicates that the settlement advances even with the existence of
stagnated excess pore water pressure in the field. The comparison shows that, as
expected, the settlement predicted by assuming infinitesimal strain gives a higher value
than that assuming finite strain. And, in this case, the difference is more significant due to
the resultant large strain of around 20% in the field. The prediction made by the
infinitesimal theory overestimates the field settlement, whereas the prediction made by
the finite strain theory shows a qualitative agreement with the observed data, even though
it quantitatively underestimates the actual settlement. Similar to the pore water pressure
predictions, the finite strain with structural degradation shows better qualitative and
quantitative agreements with the observed field data for the parameters used in the

analysis.

5.8.1 Importance of Considering the Effect of Degradation

The performance of the model which considers the finite strain with the effect of
structural degradation can be clearly seen in this analysis. Fig. 5.18 shows the predicted

settlement for the case in which the degradation effect advances faster than that for the
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case without the degradation effect, but the difference in the advance in settlement
between the two is not so significant. On the other hand, a big difference is clearly seen in
Fig. 5.19 in the prediction of the excess pore water pressure in the peat layer. Although
only a slight difference exists for the advance in settlement between the two cases, the
excess pore water pressure for the case which considers the effect of degradation remains
almost constant even after the end of loading, while the excess pore water pressure for the
case which does not consider the effect of degradation starts to dissipate significantly at
the completion of loading. This indicates that when analyzing the consolidation behavior
of natural soil deposits, the degradation effect of the structure cannot be ruled out in order
to simulate realistic in situ behavior. As shown in Figs. 5.18 and 5.19, the unusual
behavior whereby the settlement advances without any significant dissipation of excess
pore water pressure, can be described by introducing the effect of the structural
degradation into the elasto-viscoplastic finite element analysis based on the finite
deformation. Unless this kind of model is adopted in the consolidation analysis, it is
almost impossible to assess the above-mentioned behavior that is often observed in

natural soil deposits.

5.9 Summary and Remarks

The simulation of the field consolidation behavior of peaty clay due to the construction of
compacted earth fill reveals that the finite deformation theory is more representative than
the infinitesimal strain theory for the consolidation analysis of materials like peat which is
highly compressible in nature. In the finite strain analysis, changes in geometry affect the
ground rigidity and the rate of consolidation. Therefore, the finite strain analysis always
predicts lower levels of excess pore water pressure and settlements than the infinitesimal
strain analysis. The difference between the two methods becomes significant with the
occurrence of large strain. The effect of structural degradation has a significant influence
on the predictions of the observed settlements and the stagnated excess pore pressure
occurring simultaneously in the field. The results of the analysis confirm that when
analyzing the consolidation behavior of natural soil deposits, it is essential to consider the
effect of the degradation of the structure of the deposits in order to describe realistic in

situ behavior.
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Chapter 6

SIMULATION OF FIELD
BEHAVIOR DUE TO
EMBANKMENT CONSTRUCTION
ON NATURAL SUBSOIL

6.1 Introduction

The construction of embankments on peat soils gives rise to special problems due to their
poor engineering properties such as high compressibility and low shear strength. The
most obvious problem is the possible occurrence of large deformations during and after
the construction period, both vertically and horizontally. Settlements often appear quickly,
and may continue for very long periods of time due to creep. Post-construction
settlements lead to significant problems for roads with high standards. The low shear
strength of peat soils often causes stability problems, and consequently, the load
sometimes has to be placed in stages. Therefore, it is essential to reclaim these highly

compressible deposits suitable for supporting embankment foundations.

The design of highway embankments on peat deposits usually offers many alternative
solutions from which engineers must make a judicious choice. In so doing, they have to
take into consideration the cost and the technical feasibility of the different alternatives.
Generally speaking, the methods which deal with construction over peat include
techniques such as replacing the peat with inorganic materials, transferring the foundation
loads down to a better stratum, and utilizing improved peat as the foundation material.
Before engineers began to understand the way in which peat behaves under loads, it was

generally agreed that when a high standard road was aligned on a peat deposit, the peat
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had to be removed either by an excavation or by other displacement methods due to the
high compressibility of this material. In some cases, the foundation loads were transferred
to an underlying dense layer or rock through a system of piled foundations. With an
understanding of the behavior of peat under loads, methods which can improve the
engineering properties of in situ peat, so that it can be utilized as foundation material, are
becoming more and more common as these methods are not only economical, but they
are also technically advantageous for highway projects in which large areas of peaty soils

are encountered.

The preloading concept is the most commonly used method for the in situ improvement
of the engineering properties of peat in geotechnical engineering practices. The
preloading technique, in which a surcharge load is placed on a site prior to construction,
has proved to be very effective in reducing the settlement to acceptable levels.
Furthermore, the precompression of peat is advantageous in that it results in an
appreciable increase in shear strength which makes the preloading technique extremely
interesting for different engineering applications (Lea & Brawner 1963; Jonas 1964;
Johnson 1970; Samson & La Rochelle 1972; Berry 1983; Kulathilaka 1999). However,
the application of the preloading method to the construction of embankments on peat
deposits raises certain problems related to the maximum load which can be applied at one
time, to the total settlement to be expected, and to the time and magnitude of the
preloading required to insure that only tolerable settlements will occur during the life of
the structure. Therefore, the efficient use of this technique requires the ability to predict,

in advance, the behavior of peat with particular reference to:

(1) Final settlements expected under different loads
(2) Rates at which such settlements occur
(3) Long-term settlements due to creep behavior

(4) Stability of the embankment during and after construction.

The first two considerations are controlled primarily by the consolidation characteristic of
peat. Consolidation and the increase in shear strength are related through the rate of pore
pressure dissipation. Predictions of long-term settlements are very important to the
construction of super-grade highways on peat soil as post-construction settlements will
lead to significant problems in service conditions. The verification of the stability during
construction is of major importance in preloading projects with a stage-construction
embankment; time and money can be saved if the increase in strength of the peat layer

beneath the embankment can be accurately predicted.
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As such, the model performance in describing the above behavior of peaty clay due to
embankment construction is verified using field monitoring data on embankments
constructed in the Colombo-Katunayake Expressway (CKE) project in Sri Lanka. Two-
dimensional plane strain elasto-viscoplastic finite element analyses are carried out
considering finite deformation together with the effect of structural degradation on

consolidation.

In this chapter, the model is applied to predict the field behavior of peaty clay brought
about by an embankment constructed on natural peaty clay using the preloading technique.
Initially, a brief description of the CKE project is presented. Then, details are given on the
geotechnical profile, the field instrumentation, the laboratory and the field tests, the
determination of the soil parameters, the loading curve, and the finite element mesh used
in the analysis. The predicted behavior is compared with the observed data, and the

stability of the embankment is verified.

6.2 Project Description

The Colombo—Katunayake Expressway (CKE) is the first proposed major highway in Sri
Lanka. It will connect the International Airport at Katunayake to the capital city of
Colombo. The total length of the expressway will be 25.8 km, and the majority of the
road will traverse flood plain and marshy ground consisting of very soft peat, organic
soils, and clays up to 15 m in thickness. The construction of road embankments over these
soils involves risks of embankment instability and excessive settlements. Soft ground
treatments adopted to overcome the problems include methods of preloading and
surcharging, prefabricated vertical drains, sand compaction piles, and stone columns. The
instrumenting and the monitoring of the road embankment are also being implemented
during construction using settlement plates, settlement stakes, piezometers, observation
wells, and inclinometers. Extensive geotechnical investigations, including borehole tests,
cone penetration tests, vane shear tests, and laboratory tests, have been carried out to

investigate the subsurface profile and the soil properties (Hsi et al.2005).

6.2.1 Subsoil Condition and Embankment Construction

The trial embankment at Ch.11+950 in the CKE project was constructed using preloading
with surcharging as the ground-improvement technique; details of the embankment are

described in following section.
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Based on the drilled borehole logs, the embankment foundation was roughly stratified
into the layers shown in Fig. 6.1 (Ketheeswaravenayagam 2006). On top, there is a highly
compressible peaty clay layer, 1 m in thickness, followed by a very loose silt layer, up to
2 m in depth. Below that, a soft silty sand/clay layer with pockets of peat, approximately
4.5 m in thickness, is encountered. These compressible layers are underlain by layers of
loose to medium-dense sand which extend to a depth of 13.5 m. Then, there is a layer of
stiff clayey silt, about 2 m in thickness, overlying a dense sand layer, up to an

investigation depth of 20.0 m from the existing ground level.
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very loose silty sand with
pocket of peat

loose to medium dense
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L stiff clayey silt

medium dense silty sand

dense sand

Fig. 6.1: Subsurface profile beneath the embankment
(Ketheeswaravenavagam 2006)

A loading curve that denotes the construction history of the embankment is shown in Fig.
6.2.
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Fig. 6.2: Loading curve
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The embankment has a height of 5.69 m (with surcharge fill of 0.94 m), a crest width of
13.6 m, and 1:2 side slopes. The general construction sequence for the trial embankment
consisted of the laying of geotextiles over the full width of the embankment at ground
level, the placing of a sand mat about 1.5 m in thickness, the installation of instruments,
and finally, the construction the embankment from gravel fill.

6.3 Material Parameters

Table 6.1: Parameters used in the embankment analysis on natural soil

Parameters Values for | Values for inter-
peats mediate silt layer

Initial void ratio e 6.5" 1.8
Initial vertical effective stress o) (kPa) 9.0" 12.0
Coefficient of earth pressure at rest X, 0.53 0.5
Coefficient of permeability k, (m/s) |80x107" 55x 107
Change in permeability index Cy 1.0 0.9
Initial elastic shear modulus G, (kPa) 800 1000
Compression index A 1.505 0.203
Swelling index K 0.096 0.011
Stress ratio at critical state M), 0.95 1.1
Compression yield stress olyi(on.) (kPa) 9.0" 12.0
Viscoplastic parameter m' 22 30
Viscoplastic parameter C (1/s) 1.0x 107 1.0x 10
Structural parameter o (kPa) 0.7 o), 0.7 ol
Structural parameter B 5 5.0

# Atadepth of 1 m

The material parameters required for the analysis are determined based on the data
reported by Ketheeswaravenayagam (2006) and research findings related to amorphous
peaty soil. The initial vertical effective stress, 0y (q), for each layer is determined based
on the results of in situ density profiles. Compressibility parameters 4 and x, critical
state parameter M :;l , and the 1nitial coefficient of permeability & are obtained from the
data reported by Ketheeswaravenayagam (2006), and are based on previous laboratory
results and publications. The coefficient of lateral earth pressure at rest, K, is taken as
0.53, as recommended by Edil and Dhowian (1981) for amorphous peat. According to
Ketheeswaravenayagam (2006), the in situ peat layer yields almost the same physical and

mechanical properties as the peat considered in the back analysis of the instrumented
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earth fill described in Chapter 5. Therefore, the same values as those in the above-
mentioned analysis are used for viscoplastic parameter m’, initial elastic shear modulus
Gy, and structural parameters G;naj' and £, in the present analysis, as corresponding
triaxial stress-strain curves for peat are not available. However, viscoplastic parameter C
is set at a slightly higher value than in the prediction described in Chapter 5, considering
the state of the peaty soil at the site (the C value for young clays is higher than that for
aged clays). There are no available test data for silt and sand layers due to inadequate in
situ testing and sampling. Therefore, realistic values are assumed for all silt and sand
layers in the analysis. The model parameters used for the peaty clay are listed in Table
6.1. It should be noted that the very soft silty clay/peat layer indicated in the subsurface
profile is modeled in the analysis using the same properties for the peaty clay by
considering the observed large settlement. This assumption is further confirmed by the
borehole data at Ch.11+900.

6.4 Finite Element Analysis of the Embankment
Foundation

In the finite element analysis, the problem is solved as a two-dimensional plane strain
consolidation problem with a symmetry condition applied at the centerline of the
embankment. A computation domain, 15.5 m in the vertical direction and 97 m in the
horizontal direction (from the axis of symmetry), is discretized into 420 elements, as
shown in Fig. 6.3. The width of the area selected for the numerical modeling is large
enough (more than three times the embankment width) for the boundary on the right side

to have a negligible influence on the results.

The prescribed boundary conditions are as follows. The horizontal displacements and the
water fluxes on the left-hand side (the axis of symmetry in Fig. 6.3) are set at zero in
order to achieve the condition of symmetry. The bottom boundary is ascribed the
condition of zero displacement and imperviousness. Also, a horizontal displacement is
constrained at the right-hand side vertical boundary which is assumed to be impervious.
At the ground surface, conditions of free drainage and unconstrained displacement apply.
The excess pore water pressure is initially assumed to be zero in the subsoil.

The distribution of initial effective stress for the foundation used in the analysis is shown
in Fig. 6.4. It should be noted here that a surcharge load of magnitude 9 kN/m2 was
introduced over the foundation to enable the computation of the elasto-viscoplastic finite

element analysis based on the finite deformation. Otherwise, the top elements of this
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normally consolidated peat soil would reach the critical state during a very early stage of
loading, due to low mean pressure, and hence, the deformation computation would later
become impossible.

IC'
1'13.5m
Ammirdise Slope 1:2
Fr?‘ﬁﬁﬁ_ﬂ; =l . Pt —0.0
| Very loose silt _<“ 420
I> Very soft silty clay/peat <
+4-6.5
I> Loose to medium-dense sand — <495
- 13.5
| Stiff clayey silt < dissm
VAN VAN AN VAN VAN '
I : : : : |
0.0 10.0 22.0 41.0 65.0 97.0 m
Fig. 6.3: Finite element configuration
10s 20s 30s 50s 100s 100 s 100 s
[ [ | I | |
| | I | | I 1
6hr 24hr30hr48hr  5days 100 days 350 days

/5 Fig. 6.5: Time increment used in the analysis
9

Fig. 6.4: Initial vertical effective
stress profile (kPa)

The embankment loading is simulated by applying incremental vertical loads to the upper
boundary according to the sequential construction history of the embankment (Fig. 6.2).
The embankment loads are calculated as the product of the fill thickness and the total unit
weight of the fill. For this purpose, total unit weights of 20 kN/m® and 17.4 kN/m’ are
assumed for the initial sand mat and the subsequent gravel fill, respectively, as shown in
Fig. 6.2.

The time increments used in the analysis are shown in Fig. 6.5. A small time increment is
adopted by considering the expected large volumetric strain rate in the initial loading
period. However, the time increment gradually increases with time, and finally, a constant

time increment is used in the rest of the analysis.
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A finite element analysis is performed using the elasto-viscoplastic model described in
Chapter 3, to simulate the observed field behavior. The analysis was carried out by
considering the finite deformation theory together with the effect of structural degradation.
The parameters used in the analysis are listed in Table 6.1. In the modeling, the behavior
of the peat, the very loose sand, the soft silty sand/clay, and the stiff clay was assumed to
be elasto-viscoplastic, while the behavior of the loose to dense sand was assumed to be
elastic. The grass mat existing on the original ground surface, which gave additional
strength to the subsoil, was modeled as a thin elastic element. The final height of the
embankment was about 6 m (Fig. 6.2) and the average unit weight of the fill material was
around 17.5 kN/m’. Thus, the expected increase of vertical stress under the embankment
foundation was more than 100 kPa. The embankment was constructed in stages and the
total construction period was fairly long, as shown in Fig. 6.2. Therefore, by considering
the highly nonlinear nature of the e —logo,, curve in peaty soil, as well as the reduction
in compressibility at higher stress levels associated with the peat consolidation process,
the compressibility parameters were varied with the specific volume of the soil using Egs.
(3.33) and (3.34) mentioned in Chapter 3.

6.5 Prediction of Field Behavior

6.5.1 Deformation Behavior of Subsoil

The field settlement was monitored by a settlement gauge installed just beneath the center
of the embankment 8 days after the construction was started. The recorded settlement
before the installation was 0.661 m due to the initial embankment loading. Fig. 6.6 shows

the predicted and the measured settlements just below the center of the embankment.

0.0
‘ ® Field settlement under the center

057 —— Predicted settlement under the center

1.0 Predicted settlement under the crest
1.5

2.0 1

Settlement (m)

2.5+

3.0 +

sy

0 100 200 300 400
Time (days)

Fig. 6.6: Comparison of settlement predictions
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The measured value for the settlement just below the center of the embankment is 3.0 m;
the corresponding predicted settlement is around 3.2 m at the end of the monitoring
period. The initial discrepancy indicated in the predicted and the observed results under
the center is possibly due to the effect of the surcharge introduced in the initial stress
distribution of the foundation for the numerical stability of the computation. Under loads
that exceeded the initial surcharge, the calculated results show a good agreement with the
observed data. This indicates that the resultant large strain in the field is captured well by
the model.

In the development of settlement under an embankment at ground level, it is usually taken
for granted that the maximum settlement always occurs at the center. While this is true for
most soft soil foundations of average dimensions, the calculated results here indicate that
the predicted settlements under the shoulder area is greater than that of central area of the
embankment during the construction period. The predicted settlement under the crest area
(12.5 m away from the center) of the embankment is shown in Fig. 6.6. A comparison of
this predicted settlement pattern was not possible as the measured surface settlement
under the crest area is not available for this embankment. However, similar field
observations have been made for some wide embankments constructed on soft soil
elsewhere in the world (e.g., Indraratna et al. 1992). Zhang (1999) discussed the four
possible settlement patterns according to the characteristics of the shear stress increment
distributions, namely, one-dimensional, sagged, transitional, and typical (the maximum
settlement occurs at the centerline and the soil heaves symmetrically outside the slope). If
an embankment is extremely wide, compared to its height, the stress condition in the
central area of the foundation is approximately one dimensional and the condition in the
shoulder area is two dimensional. In many cases, the width of an embankment is not large
enough to result in a shear-free central area, but also not small enough to cause the
formation of a typical settlement basin (i.e., maximum in the center); this is probably
valid for the dimensions of the embankment considered in the present analysis. The
higher settlement that was predicted under the shoulder area of the embankment

foundation was possibly due to the result of local shear-induced displacement.

Zhang (1999) reported that one settlement pattern might change into another settlement
pattern as the construction or the surcharge progresses. The deformed geometrical
patterns of the embankment foundation, due to loading, are shown in Fig. 6.7. The figure
indicates that the maximum settlement was predicted beneath the side slope of the
embankment during the construction period. Then, the location of the maximum
settlement gradually shifted toward the centerline, as indicated in Fig. 6.7, after the

embankment construction was completed.

103



Ot T i ] ; 0.0
HHH \ ‘ ‘ ‘
i 25 days —
15.5m
| | | | | |
[ I T T T 1
0.0 10.0 22.0 41.0 65.0 97.0 m
: ; 0.0
I i
\ \
} 100 days —
| |
15.5m
| | | | | |
[ I T T T 1
0.0 10.0 22.0 41.0 65.0 97.0 m
0.0
| [ | [
| \ | \
H | ! \
150 days —
| |
‘ ! 15.5m
| | | | |
[ | T T T !
0.0 10.0 22.0 41.0 65.0 97.0 m
[ | | [ | 00
\ | \ |
] \ |
200 days —
i i
! ! 155m
| | | | |
[ | T T T !
0.0 10.0 22.0 41.0 65.0 97.0 m
: 0.0
T T T T T
I — \ ]
B mES I
}l 300 days —]
| i i
[ \ \ \ 155 m
| | | | | |
[ I T T T 1
0.0 10.0 22.0 41.0 65.0 97.0 m
[ i T [ [ 00
r \
| I 346 days —
|
pinnin | |
[ [ \ I I 155m
| | | | | |
[ I T T T 1
0.0 10.0 22.0 41.0 65.0 97.0 m

Fig. 6.7: Deformation patterns of the subsoil

104



6.5.2 Excess Pore Water Pressure

The predicted excess pore water pressure levels at different locations beneath the
embankment are shown in Fig. 6.8. A loading curve with the construction history of the

embankment is also shown in the figure.
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Fig. 6.8: Predicted excess pore water pressure beneath the embankment

The anticipated total load on the subsoil, due to the embankment construction, was
around 107 kPa (sand mat of 1.04 x 20 kN/m’ + gravel fill of 4.95 x 17.4 kN/m’). This
load was applied in stages, as shown in Fig. 6.8. The predicted maximum excess pore
water pressure is about 40 kPa in the middle of the peat layer (depth: 4.25 m) due to the
stage construction of the embankment. The predicted results indicate that the dissipation
of excess pore water pressure is initially quite high due to the high initial permeability of
peaty clay. With continued loading, however, the permeability of the peat decreases as a
result of the physical reduction in the void ratio during the consolidation process. For this
reason, the rate of dissipation of the excess pore water pressure gradually decreases with

time.

As described earlier, the maximum settlement has been predicted not under the center, but
under the crest area of the embankment. However, the maximum excess pore water
pressure dissipation is always predicted around the center. The predicted excess pore
water pressure distributions in the subsoil, due to the embankment construction, are

shown in Fig. 6.9 for different numbers of days.
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Fig. 6.9: Distribution of excess pore water pressure beneath the embankment (kPa)

6.6 Verification of the Embankment Stability

In addition to excessive settlements, embankments constructed on peaty clays are
subjected to large outward lateral displacements. As indicated in Fig. 6.7, a large lateral
deformation occurred beneath the toe of the embankment. This lateral deformation was
mainly caused by the shear stress induced by the embankment load. If this shear stress is
large enough, it will cause shear failure within the subsoil. Therefore, the stability of an

embankment built on peaty soil is very important due to the soft consistency of peat.

In traditional soil mechanics, the analysis of an embankment is divided into two distinct

parts, namely, an investigation of the stability and an investigation of the settlement of the
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foundation. This division is artificial and ignores the complete stress-deformation
response. In addition, it gives no indication of the safety of the embankment when the
loading rate is too slow for the soil to be considered undrained and yet too fast for it to be
considered drained. On the other hand, the present analysis is based on a soil-water
coupled boundary value problem and creates the inter-relationship among strength,
stiffness, and consolidation which produces more realistic behavior. Moreover, an
analysis which considers finite deformation provides better results in the verification of
instability problems where the deforming body undergoes significant changes in

geometry.

In the present research work, the stability of an embankment is studied by investigating

the soil behavior of the embankment foundation considering the following aspects:
1) Effective stress path followed by different soil elements
2) Stress-strain behavior of the soil elements
3) Volume change behavior of the soil elements
4) Pore pressure response

5) Distribution of the accumulated viscoplastic shear strain distribution.

The ‘stress path method” was described by Lambe (1967) as a systematic approach to
stability and deformation problems in soil mechanics. When a load is applied to a mass of
soil in the ground by a foundation, each element of the soil experiences changes in its
state of stress. A stress path gives a continuous representation of the relationship between
the components of stress at any given point as they change. Use of a stress path provides
geotechnical engineers with an easily recognizable pattern which assists them in
identifying the mechanism of soil behavior. As such, by analyzing the effective stress
paths followed by different soil elements, the actual foundation behavior can be
accurately visualized. In the present analysis, the stress path is defined as using the

following variables:

, _ 01110 ypt033
O'm = 3

(6.1)

The mean effective stress

The deviatoric stress invariant considered here is the second invariant of the deviatoric

stress tensor, /2J, , and calculated as

1/2

(01— 0p)? +(hy — o) +
V272 = (S5 = meomeml (6.2)
(033 —0p)" +2(zi32)
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where o1, 05, and o33 are the effective normal stress values, and 77, is the shear

stress which corresponds to the two-dimensional plane strain condition.

The stress-strain behavior of the embankment foundation is investigated by plotting the
deviatoric stress vs. accumulated viscoplastic shear strain, egp , defined as follows:

& = [ (de'hde”?)!? (6.3)

where devg- is the viscoplastic shear strain increment tensor.

As with metal plasticity, the saturated soil behavior cannot be understood only through
either stress-strain variations or stress paths. The volume change behavior must be
simultaneously considered. This is due to the fact that the shear behavior is closely related
to the volume change behavior, which in turn is governed by Darcy’s law. In the present
analysis, the volume change behavior of soil is investigated by observing the changes in
the viscoplastic volumetric strain vs. accumulated viscoplastic shear strain ratio of the soil

element underneath the embankment.

The pore water response brought about by embankment loading is studied with the
accumulated shear strain of the foundation soil. The behavior of the pore water pressure
in the foundation provides useful data for identifying an impending failure. This
identification would allow measures to be taken to avoid a potential failure. Measures
include the stopping of construction to allow time for the pore pressure induced by the
embankment to dissipate and the foundation to gain strength.

The localization of the inelastic deformation is a widely observed phenomenon occurring
in the behavior of a broad class of geomaterials when approaching the failure state. Well-
known practical examples involve the failure governed by the initiation and the
propagation of rupture surfaces or shear bands in slopes, foundations, etc. The
localization can be understood as instability in the macroscopic constitutive description of
the inelastic deformation of the material. Specifically, instability is realized in the sense
that the constitutive relations may allow the homogeneous deformation of an initially
uniform material to lead to a point at which a non-uniform deformation can be incipient
in a planer band under conditions of a continuous equilibrium and a continuous
homogeneous deformation outside the zone of localization. In fact, with changes in the
geometry of the body, the onset of instability is progressive. In order to investigate the
possible localization in a foundation, which would result in embankment instability, the
strain distribution of the embankment foundation is verified. For this purpose, the
accumulated viscoplastic shear-strain distribution of the subsoil due to embankment

loading is examined.
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6.6.1 Results and Discussion

The effective stress paths followed by elements at different locations in the embankment
foundations are shown in Figs. 6.10(a), 6.11(a), 6.12(a), 6.13(a), 6.14(a), and 6.15(a). The
elements considered for the plots are indicated in these figures. In the elements under the
center and 10 m away from the center, starting from the K, condition, the stress path
rises towards the critical state line (CSL) during the load application. After the end of
loading, it moves away from the CSL and follows the Ky path. In the same area, the
effective stress path of the peaty clay elements rises only slightly from the K line,
whereas in silty soil (Fig. 6.13(a)), the rise of the stress path is significant during loading.
It should be noted that the initial permeability and the initial void ratio for the peaty clay
layer are higher than those of the slit layer. Thus, it is clear that the drain behavior in a
peaty clay layer is prominent compared to that in a silty layer. Also, the influence of the
embankment load becomes smaller towards the bottom of the peat layer. The rise in the
stress path from the K, line is less than that of the top layers and almost follows the K|,
path from the beginning, as shown in Figs. 6.10(a) and 6.11(b).

The behavior of the effective stress paths for the elements under the slope (at the toe and
16 m away from the center) is different from that in the central area of the embankment.
As shown in Figs. 6.10(a) ~ 6.15(a), the stress path for the elements under the toe area
rises sharply towards the CSL during the early loading stages. The elements in the bottom
part of the peat layer almost reach the CSL due to the initial loading (Fig. 6.10(a) ~ Fig.
6.13(a)). However, the stress path of the elements close to the drainage boundary at the
top does not reach the CSL, as shown in Figs. 6.14(a) and 6.15(a). This may possibly be
due to the easy drainage conditions. With the passage of time, the stress paths of the toe
elements move away from the CSL due to the possible drainage. The stress paths of the
above-mentioned areas (under the toe and under the slope) close to the loading surface
show distinct behavior after several loading stages (Figs. 6.14(a) and 6.15(a)). The paths
move in between K, and CSL, indicating that the principal stress planes experience a

development of shear stress as the embankment is built.

The stress path analysis of the embankment foundation suggests that the toe area is more

prone to plastic instability than the central area under this embankment geometry.

The stress-strain behavior of the embankment foundation is shown in Figs. 6.10(b) ~ Fig.
6.15(b). For the elements in the center and the elements located 10 m away from the
center, the deviatoric stress increases with the shear strain. For the top elements close to
the loading surface, a sharp increase in deviatoric stress is observed during the loading
stages. In the same area, for the elements near the bottom of the peat layer, the stress-

strain behavior is smooth and an increasing trend is observed throughout the process.
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However, the increasing trend of the deviatoric stress with shear strain cannot be seen in
the soil elements under the toe. In this area, shear strain increases under an almost
constant deviatoric stress. The deeper peat elements under the toe area show a slight
decrease in deviatoric stress with an increasing shear strain, due to the initial loading, and
then a sudden drop in deviatoric stress is observed in some of the subsequent loadings.
Looking over these figures, it is evident that different parts of the foundation respond

differently to the embankment loading.

The volume change behavior with respect to predominant viscoplastic volumetric strain
and viscoplastic shear strain is shown in Figs. 6.10(c) ~ 6.15(c). All the elements under
the center area of the embankment undergo volume compression. The behavior of the
elements in the embankment toe area shows a clear difference from that of the center
elements. During the early stages of loading, the volumetric strain increases with shear
strain. With continued loading, however, the soil behaves in an almost undrained manner
without a change in the viscoplastic volumetric strain, as shown in Figs. 6.10(c), 6.14(c),
and 6.15(c). It is also seen that the increments in viscoplastic volumetric strain to shear
strain (de)? /dgg;p ) of some elements under the toe area approach zero; this is an

indication of instability during some stages of the embankment construction.

The excess pore pressure behavior with viscoplastic shear strain for some soil elements
under the embankment is shown in Figs. 6.10(d) ~ 6.15(d). A rise in pore pressure with
shear strain is seen during the load application. During the constant load consolidation, it
gradually dissipates. However, not much of a difference is seen in the present analysis

between the pore water pressure behavior at the center and that in the toe elements.

In order to investigate the possible localization during and after construction, which
would result in the instability of the embankment foundation, the distribution of
accumulated viscoplatic shear strain is plotted with the embankment construction. From
the deformation pattern of the embankment foundation after the initial loading, one can
expect shear strain localization particularly beneath the slope during construction. As
shown in Fig. 6.16, this is captured very well by the model. The progression of the
localized shear deformation begins in the region directly under the embankment slope and,
with further loading, the deformations become concentrated in a relatively narrow band,
as shown in Fig. 6.16. The stress-strain behavior of highly sheared elements in this zone
indicates that those elements have already reached their limit strength and are not altered
with further strain. The stress path for these particular elements (Fig. 6.10(a)) approaches
the CSL and de,” /de,;’ approaches zero (Fig. 6.10(c)). All these features, together with
the deformed mesh, clarify that the toe area is subjected to plastic instability during some

stages of the embankment construction.
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However, this local instability of particular soil elements does not imply a general failure
of the embankment. The general failure of an embankment occurs only if a mechanism of
failure exists through the soil beneath the embankment. This requires many soil elements

to have reached the critical state, which we do not observe in the present analysis.

In addition, as presented in Fig. 6.17, the distribution of accumulated viscoplastic shear
strain after construction has not shown such a localization behavior in the foundation soil.
It is understood that the foundation would again become safer, after showing signs of
instability, by an increase in the effective stress due to the gradual dissipation of excess
pore water pressure, as indicated in Figs. 6.10(d) ~ 6.15(d). Based on the above
discussion, it can be concluded that although a limited region may shows signs of

instability, the foundation itself is safe and no catastrophic failure is evident.
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Fig. 6.11: Soil element behavior under the embankment — silty clay/peat
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Fig. 6.13: Soil element behavior under the embankment — silt 1.5 m depth
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Fig. 6.14: Soil element behavior under the embankment — peat 0.75 m depth
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Fig. 6.15: Soil element behavior under the embankment — peat 0.25m depth
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Fig. 6.16: Variation in accumulated viscoplastic shear strain during construction
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Fig. 6.17: Variation in accumulated viscoplastic shear strain after construction

6.7 Summary and Remarks

In this chapter, the deformation and the stability of a peat foundation due to embankment
construction were investigated through use of the elasto-viscoplastic model. The material
parameters for the peaty clay were determined based on laboratory and field tests carried
out during the project period, and empirical correlations were used when reliable data was
not available. The settlements in the field advanced rapidly even during the embankment
construction. The predicted results have shown a good agreement with the measured data,
except for during the early stages of the embankment construction. The observed
discrepancy in the settlements might have occurred due to the effect of the surcharge

introduced in the initial stress distribution of the foundation for the numerical stability of
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the computation. Under the loads that exceeded the initial surcharge, a good quantitative
and qualitative agreement was obtained. This indicates that the observed large strain in
the field was captured by the model. In addition, because of the good agreement obtained
between the measured and the predicted settlements, the proposed method for considering
variable compressibility seems to be realistic in the analysis of stage-constructed

embankments which exert high levels of pressure on the peaty subsoil.

The predicted settlement pattern for the embankment was different from the typical one in
which always the maximum settlement occurs at the center. The predicted settlement
under the crest area (12.5 m away from the center) is greater than that of central area of
the embankment during the construction period. This might be due to the fact that the
stress condition in the central area of the foundation is approximately one dimensional
and that in the edge area is two dimensional as the embankment has a large width
compared to its height. The higher settlement that was predicted under the shoulder area
of the embankment foundation was possibly due to the result of local shear-induced
displacement. The location of the maximum settlement gradually shifted towards the
centerline as construction of the embankment proceeded. However, the maximum excess

pore water pressure was always predicted around the central area.

The stability of the embankment during and after construction was verified by
investigating the stress-strain characteristics of the subsoil. The stress paths of the
elements under the central area moved along the K, path, whereas the stress paths of the
elements under the toe area rose towards the critical state line. This indicates that the toe
area was more prone to plastic instability than the central region under this embankment
geometry. This was further illustrated by the distribution of accumulated viscoplastic
shear strain of the embankment foundation and the viscoplastic volumetric strain vs. shear
strain graphs. In the elements underneath the toe area, localized strain developed in the
same elements and the increment in viscoplastic volumetric strain to the shear strain
approached zero during some stages of the embankment construction. However, a general
failure was not anticipated as the signs of instability appeared in a very limited region

under the embankment.
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Chapter 7

SIMULATION OF FIELD
BEHAVIOR DUE TO
EMBANKMENT CONSTRUCTION
ON IMPROVED SUBSOIL

7.1 Introduction

In the previous chapter, predictions of the foundation behavior of an embankment
constructed on natural peaty clay using the preloading method were described. The
predictions indicated that, in spite of the high in situ permeability of peaty soil, a
significant amount of excess pore water pressure exists in the deeper peat layers even
some time after the completion of the embankment construction. Also, previous analyses
indicated that some areas of the embankment foundation showed signs of instability
during the construction. In most field problems, since a free drainage boundary condition
prevails at the ground surface, excess pore water pressure resulting from the preload often
drains out only from the top part of the soft layer. Subsequently, the stress of the preload
is initially transferred to the top part of the soft layer. This means that the top part of the
layer gets more compressed than the middle or the bottom part of the soil layer. Hence,
permeability in the top region becomes lower than that in bottom region of the layer. Due
to this low permeable zone, created between the free drainage boundary and the bottom
part of the peat layer, the dissipation of excess pore water pressure takes a considerably
long time even though the bottom part of the layer still has high permeability. Therefore,

the consolidation process takes a long time, and subsequently, both the embankment
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stability and the potential to allow for the construction of substantially higher

embankments in considerably shorter periods of time are decreased.

It is evident that these problems become more complicated when very high embankments
are constructed on peat deposits with high layer thickness. In such cases, it is necessary to
place the preloading surcharge at a sufficiently slow rate so as to prevent shear failure and
plastic flow in the peaty soil. In doing so, it takes a long time to complete the project
which leads to delays and financial losses in the construction. Therefore, when
constructing high embankments on peaty soil with high layer thickness, the application of

preloading alone is not sufficiently effective.

In order to overcome these problems, the preloading method is often employed in
conjunction with other ground-improvement techniques. For example, the preloading
technique is often combined with vertical drains to accelerate the consolidation process.
Sometimes applications of vacuum pressure with surcharge loading can further accelerate
consolidation while reducing the surcharge fill material. Sand compaction piles (SCPs)
are employed with preloading in order to increase the bearing capacity and to accelerate
the consolidation rate of the foundation soil. The selection of the most appropriate method
for a particular project depends on various factors, including the type of peaty soil to be
improved, the level of improvement needed, the magnitude of the improvement attainable

by the method, the required depth, and the extent of the area to be treated.

In the present chapter, model applications employed to predict the consolidation behavior
of embankment foundations stabilized with prefabricated vertical drains (PVDs) and sand
compaction piles (SCPs) are described. Finite element analyses are carried out in all cases
by converting the actual three-dimensional conditions that exist around the drains into
simplified two-dimensional plane strain conditions. The field behavior when PVDs are
installed in the peaty clay is simulated using equivalent vertical permeability and, in the
case of SCPs, a conversion scheme is used to transform the axisymmetric nature of the

SCPs into equivalent plane strain conditions.

7.2 Modeling of PVD-improved Subsoil under Plane

Strain Conditions

Preloading with vertical drains is the most commonly used ground-improvement
technique in low lying reclamation. Vertical drains are used in soft clays and silts, as well

as in peaty soil, to accelerate the primary consolidation in order to: (a) increase shear
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strength to allow rapid construction, (b) decrease the time for preloading to minimize
post—construction settlements, and (c) reduce differential settlements during the primary
consolidation stage. Although sand drains and prefabricated band-shaped drains were
both introduced in the mid 1930s, the former were mainly employed until the early 1970s.
Then, for economic and other reasons, the latter gained popularity and became the most

widely used ground-improvement technique (Mesri and Lo 1991).

Various approaches are available for modeling vertical drains in plane strain finite
element analyses (Sekiguchi et al. 1986; Zeng et al. 1987; Hird et al. 1992; Indratna et al.
2001). However, all the methods either employ a one-dimensional drainage element or
adopt a special formulation for the FEM program. Due to these particularities, conducting
a FEM analysis for PVD-improved subsoil is very time-consuming (Olson 1998). Thus,
in the present research work, a simple method proposed by Chai et al. (2001) is used to
analyze the PVD-improved subsoil. It can analyze the improved subsoil in the same way

as for the unimproved subsoil.

The method proposed by Chai et al. (2001) is based on the equivalent vertical hydraulic
conductivity for PVD-improved soil. From a macro point of view, vertical drains increase
the mass hydraulic conductivity of subsoil in the vertical direction. Thus, it is logical to
try to establish a value for the vertical hydraulic conductivity which can approximately
represent both the effect of the vertical drainage of natural soil and the effect of the radial
drainage due to the existence of PVDs. Under this condition, the PVD-improved subsoil
can be analyzed in the same way as for the unimproved subsoil. The equivalent value of
vertical hydraulic conductivity k,, is derived based on the equal average degree of
consolidation under one-dimensional conditions. Carrillo’s theoretical solution (1942) is

used to combine the effects of vertical and radial drainage.

U, =1-(1-U,)1-U,) (7.1)

where U, is the average degree of consolidation for the PVD-improved subsoil, U, is
the average degree of consolidation due to radial drainage, and U, is the average degree
of consolidation due to vertical drainage. The value of U, is calculated by Hansbo’s

solution (1981) as follows:

U,=1- exp(— §ThJ (7.2)
Y7,

where Tj, is the time factor given by Cjt/ De2 in which Cj is the coefficient of
consolidation in the horizontal direction and D, is the diameter of the unit cell. The

value of u is related to the drain properties and will be explained later.
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The average degree of vertical consolidation is estimated with an approximation of
Terzaghi’s solution.

U, =1-exp(-Cy;T,) (7.3)

where T, is the time factor for the vertical direction given by C¢t/ H 2 in which C, is
the coefticient of consolidation in the vertical direction, H is the vertical drainage length,
and c; is a constant which can be determined by comparing the values of Terzaghi’s

exact solution with the approximated solution (7.3).

Using the above equations, the equivalent vertical hydraulic conductivity of the PVD-

improved subsoil, k&, , can be expressed as

ve >

2.51% k
kyp = [1 + Ek—h}kv (7.4)
e v
2
U= ln(£)+k—hln(s)—§+7r 217k (7.5)
S kg 4 3q,,

In the above-mentioned formulas, D, is the diameter of the unit cell (containing a PVD
and its improvement area), n =D, /d,, (d,, is the drain diameter), s = d/d,, (d, is the
smear zone diameter), kj; and kg are the hydraulic conductivities of the natural soil and
the smear zone, respectively, k,, is the vertical hydraulic conductivity of the natural soil,
[ is the drainage length of a PVD, and ¢, 1s the discharge capacity of a PVD.

The essentials of the equivalent vertical permeability of the PVD-improved zone given in
Eq. (7.4) are presented in Appendix A2.

The modified approach is used in this study for the equivalent drain diameter, d,,, of the
band-shaped PVD considering the corner effect. It can be calculated using the following
equation proposed by Rixner et al. (1986):

a+b
d,= 5

(7.6)

where a is the width of a PVD and 4 is the thickness of a PVD.

The equivalent diameter of a unit PVD-influenced zone, D,, is calculated on the basis of
the equivalent cross sectional areas (Rixner et al. 1986). For drains in a square grid

pattern with drain spacing S,

D2/4=8*; D,=1.138 (7.7)
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When a PVD is installed in a soft ground using a mandrel, a disturbed zone called a smear
zone forms around the mandrel, and the hydraulic conductivity is reduced significantly.
Two parameters are needed to evaluate the smear effect, namely, (i) the diameter of the
smear zone, d

and (i1) the hydraulic conductivity ratio, kj /k, , i.e., the value in

N A

undisturbed zone kj, over the value in smear zone k. Since no test data are available to
evaluate the smear zone, d = 4d,, is assumed in this study by considering the very soft
consistency of peaty soil. In the above relationship, d,, is equivalent in diameter to the

cross sectional area of the mandrel.

Many uncertain factors affect the value of kj, / k¢ (Chai and Miura 1999). Hansbo (1987)
reported that the value of kj, / k varies from 1 to 5 for soft clay. For this research, k;, / kg
was assumed to be 4. The discharge capacity quantitatively denotes the well resistance of
PVDs, and a typical value of 100 m’/year was assumed for the capacity in the present
work.

7.2.1 Verification of the Method Using Large-scale Model Test Data

The performance of the model in incorporating the above method to predict the
consolidation behavior of PVD-improved soil has been verified using the data reported by
Kugan et al. (2003). They conducted laboratory tests to study the behavior of PVDs
installed in peaty clay using a large-scale consolidation test apparatus with a centrally
located prefabricated drain. Fig. 7.1 shows the schematic diagram of the large-scale
consolidation apparatus with a devise for measuring the excess pore water pressure in the
middle of the sample which has a thickness of 700 mm and a diameter of 500 mm. The
load was applied in increments of 5 kPa over a 2-day time interval, up to a final pressure
of 30 kPa. The settlement and the excess pore water pressure were monitored for a long

period of time, namely, about 75 days.
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Fig. 7.1: Arrangement of the test apparatus (Kugan et al. 2003)
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One-dimensional normally consolidated behavior for load increments of 5-30 kPa for the
PVD-improved soil was predicted by the elasto-viscoplastic model using the above-
described mass vertical hydraulic conductivity of the PVD-improved zone. The initial
conditions required for the finite element analysis were evaluated from load increments of
0-5 kPa, which are considered as preparatory consolidation for the analysis of the
consolidation behavior for load increments of 5-30 kPa. The material parameters used for
the peaty clay were taken from Kugan et al. (2003) and Ketheeswaravenayagam et al.
(2006). Since the tests were conducted with the same remolded peaty soil as that used in
the model tests considered for the model validation (Chapter 4), all the material

parameters are the same as those listed in Table 4.1 and again in Table 7.1.

Table 7.1: Material parameters for the large-scale peaty soil model with PVD

Parameters Values
Initial void ratio e 5.80
Initial vertical effective stress ono (kPa) | 5.0
Coefficient of earth pressure at rest K, 0.53
Coefficient of permeability ko (m/s) | 4x10°
Change in permeability index Cy 0.95
Initial shear modulus G, (kPa) | 450
Compression index A 0.8207
Swelling index K 0.08946
Stress ratio at critical state M* 0.98
Compression yield stress onpi(ona)  (kPa) | 3.5
Viscoplastic parameter m' 18
Viscoplastic parameter c (1/s) | 1.0x 107
Structural parameter O raf (kPa) | 3.0
Structural parameter B 5

A band-shaped prefabricated vertical drain was used in the experiment. The cross section
of the drain was 100 mm in width (&) and 3 mm in thickness (5 ). Therefore, the

equivalent drain diameter, d,,, was determined as 51.5 mm (Eq. 7.6). The effective

w

diameter of the PVD-influenced zone, D, , was considered as the diameter of the

e’
consolidation cell. The drain parameters used to calculate the equivalent vertical
permeability are listed in Table 7.2. Using these parameters, Eq. (7.4) yields an equivalent

vertical hydraulic conductivity of 8.01 %, .
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Table 7.2: Drain parameters used in the analysis

d,(m) | D,(m) | d,(m) | ki/k, | ky [k, | q,(m’/yr)
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Fig. 7.2: Comparison of excess pore water pressure
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Fig. 7.3: Comparison of the settlements

Model predictions for the excess pore water pressure development/dissipation and the
settlements are presented together with the experimental observations in Figs. 7.2 and 7.3,
respectively. The figures indicate that the model predictions made with the equivalent
vertical permeability, calculated using the described method, can reproduce both the
observed settlements and the excess pore water pressure behavior quite well. Furthermore,
the figures reveal that taking the effect of structural degradation into account leads to

better results for both the observed settlements and the excess pore water behavior.
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7.3 Analysis of an Embankment Constructed on PVD-
improved Subsoil

Following the initial laboratory simulation of large-scale consolidation model test data, an
attempt was made to predict the observed consolidation behavior of an embankment
constructed in peaty soil using preloading with vertical drains. Predictions were made to
simulate the observed settlements and the excess pore water pressure due to the
embankment construction and to compare them with the corresponding measured data
obtained through settlement gauges and piezometers installed in the field. Moreover, the
influence of the deformation pattern of the subsoil due to the installation of PVDs is

verified.

7.3.1 Details of the Embankment and the Subsoil Profile

The trial embankment at Ch.11+250 in the CKE project, Sri Lanka was constructed on
PVD-improved subsoil.

peat

very loose silty / clayey
sand
with pocket of peat

medium dense clayey/silty
. sand

_Depth (m)

medium dense silty/clayey
sand

medium dense silty sand

medium dense to dense
silty sand

Fig. 7.4: Subsurface profile at the site

The subsoil conditions at the site were reported in detail by Ketheeswaravenayagam
(2006) and shown in Fig. 7.4. The subsoil profile consists of a surface peat layer about 5
m in thickness. The surface peat layer is underlain by a layer of soft silty/clay sand,
approximately 3 m in thickness, with pockets. Below this soft layer is a medium-dense

clayey/silty sand layer, about 4 m in thickness, followed by a medium-dense to dense
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silty/clay sand layer, up to a depth of 15 m from the ground surface. A dense sand layer is

encountered below a depth of 15 m.

The embankment has a height of 7.99 m with a crest width of 13.6 m and 1:2 side slopes.
The height of the initial sand mat was about 1.6 m, and thereafter, gravel fill was placed

over a period of 373 days with different loading stages, as indicated in Fig. 7.5.
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Fig. 7.5: Loading curve

The PVDs were installed 108 days after the construction was started. They were installed
to a depth of around 8 m from the original ground surface in a square pattern with a

spacing of 1.1 m.

The settlement plates and the piezometers were installed 28 and 148 days after the filling
was initiated. The settlements and the excess pore water pressure were monitored over a
period of 444 days.

7.3.2 Finite Element Analysis

In the finite element method (FEM) analysis, plane strain conditions were assumed. The
modeled range was 15 m in the vertical direction and 78 m in the horizontal direction
away from the embankment centerline. The displacement boundary conditions were as
follows: both vertical and horizontal displacements were fixed at the bottom, while the
horizontal displacement was fixed at the left and the right vertical boundaries. The
adopted drainage boundary conditions were as follows: the ground surface was drained
while the bottom boundary was undrained. The left and the right boundaries were
undrained. The finite element mesh, indicating the displacement boundary conditions for
the PVD-improved zone, 1s shown in Fig. 7.6. The subsurface profile considered in the

analysis is also given in this figure.
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In the finite element modeling, the behavior of the peaty soil and the very loose

silty/clayey sand were represented by the elasto-viscoplastic theory outlined in Chapter 3.

For medium-dense clayey silt/sand, an elastic behavior was assumed. Since it is expected

that the construction of the embankments exerted a high level of pressure on the subsoil

and that the increase in the effective vertical stress in the subsoil was quick due to the

installation of PVDs, the compressibility parameters for peaty soil were varied in

accordance with Eqgs. 3.33 and 3.34 during the analysis. The grass mat existing on the

original ground surface, which gave additional strength to the subsoil, was modeled as a

thin elastic element.

Table 7.3: Parameters used in the PVD-improved embankment foundation analysis

Parameters Values for | Values for very
peaty soil | loose silty/clay sand

Initial void ratio e 5.8" 1.5
Initial vertical effective stress o0, (kPa) 10.07 27.0"
Coefficient of earth pressure at rest X, 0.53 0.5
Coefficient of permeability ko, (m/s) 1.0x 107 1.0x 10
Change in permeability index C, 1.0 0.9
Initial elastic shear modulus G, (kPa) 800" 5000
Compression index A 1.315 0.103
Swelling index K 0.087 0.006
Stress ratio at critical state M* 0.95 1.0
Compression yield stress olpi(oh.) (kPa) 10.0° 27.0°
Viscoplastic parameter m' 22 25
Viscoplastic parameter C (1/s) 1.0x 107 1.0x 107"
Structural parameter oy (kPa) 0.7 o), 18.9
Structural parameter B 5 5.0

# Ata depth of 1 m

* Atadepth of 6 m
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The soil parameters were determined using the data reported by Ketheeswaravenayagam
(2006), Soil Investigations for the Colombo-Katunayake Expressway Project (1999,
2001), and literature related to amorphous peaty soil. The derivation of the
compressibility parameters is based on the empirical correlations for the physical and the
mechanical properties of Sri Lankan peaty soil. The in situ permeability is based on the
results of field permeability tests. It should be noted that the permeability in the
horizontal and the vertical directions is assumed to be equal in the analysis. This is a
realistic assumption considering the behavior of amorphous peaty soil which has a highly
humified structure (Hobbs 1986). The initial vertical effective stress for each layer,
022(0)» is determined based on the results of in situ density profiles. In the analysis, a
surcharge load of magnitude 10 kN/m’ was introduced over the foundation to enable the
computation of the elasto-viscoplastic finite element analysis based on the finite
deformation for a reason similar to that mentioned in Chapter 6. The viscoplastic
parameters, the structural parameters, the initial shear modulus, the critical state
parameter, and the permeability change index are the same as those used in the

embankment analysis described in Chapter 6.

The type of drain used at the site was a prefabricated band drain with a cross section of
101 mm x 3 mm. According to Eq. (7.6), the equivalent drain diameter was 0.0515 m. As
mentioned previously, PVDs were installed in a square pattern with a spacing of 1.1 m.
With respect to that, the equivalent effective drain area was evaluated using Eq. (7.7). The
diameter of smear zone d, and the permeability ratio between the undisturbed and the
disturbed zones were assumed as described in Section 7.2. In the analysis, the
permeability ratio between horizontal and vertical directions was assumed to be equal.
The parameters related to the PVD behavior are listed in Table 7.4.

Table 7.4: Drain parameters used in the analysis

dw (m) De (m) ds (m) kh /ks kh /kv qw (m3/yr)

0.0515 1.25 0.4 5 1 100

The finite element analysis, based on the finite deformation theory, was carried out to
model the actual construction sequence for the embankment (Fig. 7.5). The values of the
unit weights of sand and the subsequent gravel fill were assumed to be the same as those
in the previous embankment analysis (Chapter 6). Also, the same time increment scheme

as shown in Fig. 6.5 in Chapter 6 was adopted in the present analysis.
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7.3.3 Results of the Finite Element Analysis

The results of the finite element analysis for the settlement and the excess pore water
pressure predictions are presented with the corresponding measured data. The lateral
deformation pattern and the influence of the deformation pattern of the subsoil, due to the

installation of the PVDs, are also verified.

7.3.3.1 Settlements

Predicted settlements just under the center and under the crest (12.5 m away from center)
of the embankment are presented together with representative field measurements in Fig.
7.7. Predictions made for the settlements under the center of the embankment, without
considering the PVD effect, are shown in this same figure to demonstrate the
effectiveness of the PVD installation in expediting the field settlements. As shown in the
figure, the predicted rate of settlement, considering the PVD effect, is much less than the
predicted rate for the case in which the PVD effect is not considered, at the end of the
embankment construction (around 350 days). This indicates that the time required to
complete the primary consolidation, after the final load has been placed, is very short in
the PVD-improved subsoil, whereas it takes a considerably long time in the case of the
unimproved subsoil. The predicted excess pore water pressure, presented in the next

section, will further confirm this behavior of the PVD-improved subsoil.
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Fig. 7.7: Comparison of settlements

The instruments were installed after the construction of the sand mat, and thus, no field
measurements are available for the initial period. According to the field measurements
that are available, the maximum settlement occurred not under the center, but under the

crest area of the embankment. This pattern was predicted accurately by the model, and
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possible reasons for this kind of settlement pattern in the embankment foundation have
already been discussed in Chapter 6. The predicted settlements just under the center have
also shown a good quantitative agreement with the measured settlements. The model
prediction for the settlements under the crest of the embankment is underestimated by
about 0.2 m from the measured value. However, this is acceptable considering the non-

homogeneous nature of peaty soil which has not been considered in the present analysis.

7.3.3.2 Excess pore water pressure

The excess pore water pressure predicted 1.25 m below the embankment and the excess
pore water pressure measured 1 m below the bottom of the embankment are compared in
Fig. 7.8. The predicted results clearly show that the PVD installation has caused a
significant improvement in the rate of excess pore water pressure dissipation. As shown in
the figure, before the PVDs had been installed, it took almost 110 days for the excess pore
water pressure of about 10 kPa to dissipate during the initial loading stage. After the
PVDs were installed, however, it took only 60 days for the excess pore water pressure of
about 18 kPa to dissipate after the placement of the final load. It should be noted that this
significant increase in excess pore water pressure was obtained with the prevailing lower
permeability during the final stage of loading compared to that of the initial stage, as a

result of the physical reduction in the void ratio during the consolidation.

25
¢ Measured: 1.0 m depth :0

20 1 — Predicted: 1.25 m depth

@
@
15 - )

Excess pore water pressure (kPa)

0 100 200 300 400 500
Time (days)

Fig. 7.8: Comparison of the excess pore water pressure

Since the piezometers were installed after the PVDs, the sudden drop in excess pore water
pressure indicated in the prediction due to the PVD installation could not be captured in
the field monitoring data. Also, none of the sharp peaks of the numerical predictions,
which accurately represent the sudden rises in pore pressure associated with loading, are

seen in the field measurements, as some dates of the field measurements do not coincide
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with the exact times for which the maximum peaks are predicted. However, the
agreement is generally good for the generation and the dissipation of excess pore water
pressure; the results could be further improved by considering the well resistance, the

different kj, / k, ratios, or by using different discharge capacities for the drains.

Fig. 7.9 shows the predicted excess pore water pressure during the embankment
construction with and without consideration given to the PVD improvement. The excess
pore water pressure (u,,) is presented as a function of the applied stress () of the
embankment at the ground surface. It should be noted that the effect of the PVDs was
considered in the analysis 108 days after the initial sand mat was constructed in order to
simulate the actual construction sequence in the field. Therefore, the predicted excess
pore water pressure due to the initial sand mat was the same in both cases, as shown in
Fig. 7.9. After the PVDs were installed in the ground, the increase in excess pore water
pressure due to the loading was significantly reduced and became very much less than the
increase in total stress. On the other hand, the predicted results for the subsoil without the
PVD improvement show that the increase in excess pore water pressure is approximately
equal to the increase in total stress. Another important feature seen in Fig. 7.9 is the
variation in the increase in excess pore water pressure with depth. As shown, the
difference in the increase in excess pore water pressure with depth is lessened when
PVDs have been installed.
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Fig. 7.9: Predicted excess pore water pressure under the center of
the embankment as a function of the embankment load

7.3.3.3 Lateral Deformation

The predicted lateral displacement profiles for the PVD-improved subsoil under the

embankment toe are shown in Fig. 7.10. However, the corresponding horizontal
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displacement profiles from the inclinometers in the field are not available for comparison.
The maximum computed lateral displacements are located at a depth ratio of z/H in the

order of 0.25-0.375. H 1is the compressible layer thickness; it is around 8 m in this case.

It has been reported that vertical drains not only increase the settlement rate, but they also
influence the magnitude of the lateral displacement of the subsoil (Chai et al. 1995). To
verify this fact, lateral displacement profiles predicted under the toe of the embankment
with and without PVD-improved subsoil are presented in Fig. 7.11. Comparing the results,
the analysis without drains indicates larger lateral displacements at the ground surface
than the analysis with drains. The effect of the drains on the lateral displacement can be
more clearly seen by comparing the lateral displacement at the same surface settlement
during the consolidation period. A comparison of the lateral displacement profile for a
surface settlement of about 1.5 m is also presented in Fig. 7.11. It shows that although the
analysis without drains yielded smaller settlements, it calculated a larger maximum lateral

displacement than the case with drains.
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profiles for the PVD-improved subsoil PVDs on lateral displacement
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7.4 Stability of the Embankment

The stability of the embankment during and after construction is of major concern in the
design of embankments over soft soil like peaty clay which has a low bearing capacity
and low shear strength under in situ conditions. It has been seen that the installation of
PVDs not only increases the settlement rate, but also significantly improves embankment
stability (Li and Rowe 2001). In this section, the effect of PVDs on embankment stability
is examined using the method proposed by Matsuo and Kawamura (1977).

7.4.1 Diagram for the Construction Control of Embankments

Matsuo and Kawamura (1977) introduced a chart after observing the deformations of
many embankments and plotted the process of the displacement during the construction
of each embankment. They proposed a method in which the degree of safety at present is
ascertained and then the successive failures are predicted by observing the vertical
settlement in the central area under an embankment and the horizontal displacement near
the toe of the slope. It is astonishing that most of the embankments failed near the one
curve even though they were constructed under different conditions from each other, such
as section and unit weights, soil properties, soft layer thicknesses, and other surrounding
conditions. This curve can be regarded as the “failure criterion line”, as shown in Fig.
7.12. Therefore, the failure of embankments can be predicted by plotting the observed
settlements and the horizontal displacements on this diagram. In Fig. 7.12, s indicates the
settlement under the center and 0 is the horizontal deformation at the toe of the

embankment.
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Fig. 7.12: Modified Matsuo stability plot
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Embankments on soft grounds are usually constructed with smaller safety factors than
other structures because changes in the design during construction are comparatively easy
to make in the earth work. This requires that the embankment construction be controlled
in a safe and timely manner using the information obtained from the practically possible
measurements. For this purpose, the “Matsuo stability plot” provides a very useful tool

for practicing geotechnical engineers.

7.4.2 Effect of PVDs on Embankment Stability

The stability evaluation for the embankment considered in the present chapter is
examined using the procedure described by Matsuo and Kawamura (1977). The stability
was checked for three different cases, namely, (1) a case with the same field conditions as
when PVDs were installed 108 days after the construction was started, (2) a case which
does not consider PVD improvement in the embankment construction, and (3) a case
which considers that PVDs had been installed before the embankment filling was started.
The obtained results are shown in Fig. 7.13.
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Fig. 7.13: Improvement in embankment stability due to the PVD installation

Matsuo and Kawamura (1977) reported that the instability of an embankment can occur
when the plot of s and &/s is above the instability line. As shown in Fig. 7.13, for an
embankment constructed without PVDs, the predicted plot rises above the “instability

line” indicating that if this embankment had been constructed without the installation of
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PVDs, it would have failed during the construction period. It seems that without PVDs,
large lateral deformations occur in the subsoil due to the shear stress induced by the
embankment loading, and this shear stress will lead to embankment failure. In the field,
PVDs were installed some time after the embankment filling was initiated and the
construction was successfully completed without any risk of failure. A plot representing
the exact field conditions shows this behavior, thus confirming the validity of the method
to evaluate the stability of embankments constructed on peaty clay. From the results
shown in the figure, it can be concluded that the stability of an embankment is

significantly improved by the installation of PVDs.

7.5 Modeling of Sand Compaction Piles in the Finite
Element Analysis

The sand compaction pile (SCP) method is frequently used in construction to form
compacted sand piles by vibration, dynamic impact, or static excitation in soft grounds.
Originally developed in Japan to improve stability or compressibility and/or to prevent
liquefaction failure in loose sand, the SCP method is now often applied to soft clay
grounds to ensure stability and to reduce ground settlements. In particular, for
construction on embankments of materials like peaty soil, which have very low shear
strength, the installation of SCPs enhances the stability of the embankment slope, helps to

increase the bearing capacity, and accelerates the consolidation rate of the foundation soil.

Most sand compaction pile installations are done using the vibro-replacement method. A
cylindrical vertical hole is made by a vibrating probe which penetrates by jetting and by
its own weight. Sand is poured into the hole in increments of 0.4-0.8 m and compacted by
the probe which simultaneously displaces the material radially into the soft soil. The
diameters of SCPs are usually in the range of 0.5-1.2 m. SCPs with larger diameters are
used for softer grounds. In general, square or triangular grid patterns are used with a

center-to-center column spacing of 1.5-3.5 m (Mitchell 1981).

It is evident that the consolidation behavior around SCPs is three dimensional and an
axisymmetric unit cell model can be used for the analysis of a single stone column in
FEM. To simulate an SCP-treated foundation, however, three-dimensional finite element
analyses are complex and time-consuming. Therefore, it is desirable to model the
foundation by two-dimensional procedures. In the present research work, the
consolidation behavior when SCPs are installed in peaty soil is modeled using the method
proposed by Tan and Oo (2005). The method proposes a conversion scheme which is

based on a simplified analytical method for a stone column reinforced foundation by Han
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& Ye (2001) and considers the composite stiffness of the unit cell and the area
replacement ratio. A two-dimensional FEM model for the SCPs can be formulated

incorporating the parameters derived from the conversion scheme.

In order to model the SCP-treated ground, which is under three-dimensional conditions,
into a two-dimensional numerical program, the relevant plane strain parameters have to
be calculated. Thus, the conventional axisymmetric SCP unit cell must be transferred into
an equivalent plane strain unit cell. Fig. 7.14 shows the conversion from the axisymmetric
unit cell into the equivalent plane strain unit cell. In the conversion scheme, Han & Ye
(2001) assumed that the composite stiffness of the SCP- or the SC (stone column)-treated

ground will be the same as that in both the axisymmetric and the plane strain cases.

The composite stiffness of the axisymmetric unit cell is calculated using the stiffness of
the SCPs and the stiffness of the surrounding soil with the respective area replacement

ratio.

E =E + Esoil,axi *(1- as,axi) (7.8)

: g
composite col,axi “s,axi

Acol
ag =l (7.9)
S (Acol + Asoil)

where ag ,; is the area replacement ratio in the axisymmetric unit cell, E,,osize 18 the
stiffness of the composite material in the unit cell, E., ,; is the stiffness of the
axisymmetric sand compaction column, and £, 4y; 1s the stiffness of the surrounding

soil in the axisymmetric unit cell.

2

Fig. 7.14: Conversion from an axisymmetric unit cell into
an equivalent plane strain (Tan and Oo 2006)
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Assuming that the composite stiffness for the axisymmetric model and the plane strain
model are equal, the stiffness of the sand compaction piles under plane strain conditions is
calculated using Eq. (7.10), considering the area replacement ratio corresponding to the
plane strain unit cell geometry. It should be noted that for this calculation, it’s assumed
that £ E

soil,axi— “soil, pl -

Ecomposite :Ecol,pl *as,pl + Esoil,pl *(1- as,pl) (7.10)

Acol
ag = —col (7.11)
»P (Acol + Asoil)

where a; ,; is the area replacement ratio in the plane strain unit cell, E.,,pogire 1S the
stiffness of the composite material in the unit cell, £, ,; is the stiffness of plane strain
sand compaction wall, and E,; ,; is the stiffness of the surrounding soil in the plane

strain unit cell.

As seen in Fig. 7.14, in transforming the sand compaction column unit cell from an
axisymmetric model into a plane strain model, the compacted sand area is increased in the
plane strain model. In other words, the area of the surrounding soil is reduced due to the
conversion. The area reduction ratio is thought to have an impact on the determination of

the stiffness of the surrounding soft soil in the plane strain model and can be expressed as

(I- as,pl)

(1 - as,axi)

Aoy = (7.12)

Incorporating the area reduction ratio for the plane strain unit cell ( 4,,,; ), the stiffness of

the soft soil in the plane strain model is modified for the stiffness matching procedure as
Esoi,pl = Ared >l<Es0il,axi (7.13)

where 4,,; 1s the area reduction ratio due to the conversion of the axisymmetric model

into the plane strain model.

In the present analysis, the permeability matching was conducted with the following
equation based on the equal average degree of consolidation in the axisymmetric and
equivalent plane strain unit cell, as outlined by Indraratna et al. (1986). The smear effect

and the well resistance were not considered.

knpi  0.67
kp.axi  [n(n)—0.75]

(7.14)
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where kj, ,; and kj, ,; are the permeability in the axisymmetric and the equivalent plane
strain conditions, respectively. n = R/r,, in which R is the radius of the axisymmetric
influence zone around a single drain, r,, is the axisymmetric radius of the sand

compaction pile.

In the present analysis, the SCPs are modeled to behave as an elastic material.

7.6 Prediction of the Consolidation Behavior of an
Embankment Constructed using SCPs

The embankment at Ch 19+190 in the Colombo-Katunayake Expressway (CKE) project
was constructed on SCP-improved subsoil. This area has a peat layer of greater thickness
than the other areas (Fig. 7.15). The virgin ground consists of peaty soil, 1.0 m in
thickness, followed by a loose, silty sand layer up to a depth of 2.0 m. Lying below that, a
very soft peaty soil, 6.0 m in thickness, is encountered. Below that, there exists a loose to
medium-dense silty sand layer, 2.0 m in thickness. Immediately below that, a medium-
dense sand layer occurs up to a depth of 14.0 m. Beneath this layer, sand layers were

found down to an investigation depth of 20 m (Ketheeswaravenayagam et al. (2006).

peat

loose silty sand

peat

medium dense silty sand

medium dense sand

very dense sand and hard
stratum

Fig. 7.15: Subsurface profile at the site

The embankment has a height of 7.5 m with a crest width of 13.6 m and 1:2 side slopes.
The SCPs were installed in the field 79 days after the initial sand mat construction was

started. They were installed to a depth of around 8 m from the original ground surface in a
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square pattern with spacing of 1.6 m. The diameter of the SCPs was 0.6 m and they were
installed to the full width of the embankment.

The foundation soil was modeled up to a depth of 16.5 m below the ground surface and
75 m horizontally from the embankment centerline. The finite element mesh, indicating
the SCPs and the subsurface profile relevant to this analysis, are shown in Fig. 7.17. The
loading curve showing the construction sequence for the embankment is presented in Fig.
7.16. The material parameters used for the subsoil are listed in Table 7.5. The material
parameters for the peaty soil were almost the same as those for the previous embankment
analysis for PVD-improved soil, except for the soil stiffness. The original soil stiffness
(shear modulus) was modified for the plane strain analysis in accordance with the

procedure outlined in Section 7.4.
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Fig. 7.17: Finite element mesh showing the locations of the SCPs

Analyses were carried out by considering the finite deformation theory. The effect of
structural degradation was considered for the compressible soil. The compressibility
parameters were varied in accordance with Egs. (3.33) and (3.34) in order to consider the

nonlinear nature of the e —log oy, curve and the decreasing compressibility associated
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with the peat consolidation process at higher stress levels. In the modeling, elasto-
viscoplastic behavior was assumed for the peaty soil, and the elastic behavior was
assumed for the other soils including the SCPs. The displacement and the drainage

boundary conditions were the same as for the previous analysis described in Section 7.3.2.

Table 7.5: Parameters used for the SCP-improved peaty clay

subsoil
Parameters Values for
peaty soil

Initial void ratio e 5.0"
Initial vertical effective stress o0 (kPa) 12.0"
Coefficient of earth pressure at rest X, 0.53
Coefficient of permeability ky, (m/s) 1.5x 107
Change in permeability index Cy 1.0
Initial elastic shear modulus G, (kPa) 560"
Compression index A 1.315
Swelling index K 0.087
Stress ratio at critical state M" 0.95
Compression yield stress olpi(on.) (kPa) 12.0"
Viscoplastic parameter m' 22
Viscoplastic parameter C (1/s) 1.0x 107
Structural parameter oy (kPa) 0.7 o)
Structural parameter B 5

# At a depth of 1 m

The SCPs installed under the embankment were modeled with the equivalent plane strain
properties described in Section 7.4. In the modeling, the shear modulus of the peat was
assumed to be equal to 800 kPa based on the previous analysis (Chapter 5-7). SCPs were
installed in the field in a square pattern with a grid spacing (s ) of 1.6 m, and the
equivalent diameter of the unit cell for each SCP was 1.8 m (D,=1.13s). Since reliable
data were not available for the in situ stiffness (£, 4y; ) Or permeability (&, 4y; ) of the
SCPs, realistic respective values of 11,000 kPa and 1.0 x 10° m/s were assumed.
Accordingly, the values required for the conversion scheme to transform the

axisymmetric behavior into equivalent plane strain conditions are listed in Table 7.6.

Table 7.6: Parameters for the SCPs

ag,axi Ecomp. Ecol,pl ag,pl | Apeq |V Ky ko o20)

(kPa) | (kPa) (m/s) (kPa)
0.11 | 1922|4169 0333 |0.74 |03 |05 |2.0x10° |15.0
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Another analysis was conducted using a higher stiffness of 15,000 kPa for the SCPs. The
equivalent £, ,; became 5400 kPa, and the analysis was conducted while keeping all
other parameters the same as in the case with a lower stiffness value (11,000 kPa) for the
SCP.

It should be noted that SCPs were implemented in the modeling from the start of the
filling process, even though they were installed in the field 79 days after the start of the
construction.

7.6.1 Results and Discussion

The predicted and the measured settlements for just under the embankment and for 12.5
m away from the center are shown in Figs. 7.18 and 7.19, respectively. The recorded field
settlements just under the center and 12.5 m away from the center of embankments were
0.937 m and 0.813 m, respectively. These values show that the settlements of peaty soil
can be greatly reduced by the installation of SCPs.
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Fig. 7.18: Predicted settlement under the center of the embankment
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Fig. 7.19: Predicted settlement under the crest of the embankment
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The monitoring was started 79 days after the filling was begun, and therefore, settlement
data for this period were not available. In the modeling, the SCP behavior was considered
from the beginning, whereas in the field, SCPs were installed 79 days after the
construction was started. As expected, the predicted settlements for the initial period are
much less than the corresponding field settlements, as indicated in Figs. 7.18 and 7.19.
However, the observed settlements after the installation of the SCPs in the field show a
reasonable agreement with the predicted settlements with the low stiffness value for the
SCPs (Fig. 7.18). The results obtained from the predictions clearly indicate that the
settlements of the surrounding peaty soil greatly depend on the stiffness of the SCPs.

SCPs with higher stiffness levels yield lower ground settlements of the surrounding soil.

Unrealistic very high stress

6 50 95 139 184 228

Fig. 7.20: Mean effective stress distribution in the foundation due to
embankment loading (kPa)

Fig. 7.20 shows how the applied foundation loads are carried by the SCPs and the
surrounding soil. The stress is shared between the SCPs and the surrounding peaty soil in
proportion to the relative stiffness of the two materials and the area replacement ratio.
However, it seems that a majority of the loads are supported by the SCPs due to the very
soft nature of peaty soil. The very high level of stress that occurs in the top half width of
the SCPs placed along the center seems to be unrealistic. This might be due to the applied
constraint of the displacements in the horizontal direction used in the modeling to
maintain the symmetricity of the embankment which makes the SCPs too rigid with its
half width.

The predicted excess pore water pressure with a low stiffness value for the SCPs, at
depths of 2 m and 4.5 m, are shown in Fig. 7.21 with the available corresponding
measured data. The recorded maximum excess pore water pressure in the field was less
than 10 kPa; this indicates that the excess pore water pressure was very rapidly dissipated
in the subsoil due to the SCP installation. However, the field measurements do not seem
to be completely accurate as the sudden increase expected due to the embankment loading

was not indicated in the field data during some loading stages. In the field data, zero
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excess pore water pressure was recorded between certain loading stages. Corresponding
predicted values show a good agreement by predicting an excess pore water value of less
than 1 kPa. In general, the results indicate that the predicted rate of excess pore water
pressure dissipation is higher than the observed one. This might be due to the fact that: (a)
the smear effect (the reduction in the permeability of the surrounding soil due to the
disturbance occurring in the SCP installation process) was not taken into account or (b)
there was a limitation of the modeling method on the SCP behavior. In the field, SCPs
work in close axisymmetric drainage (three-dimensional) conditions. In the present

analysis, plain strain (two-dimensional) conditions were assumed.
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Fig. 7.21: Comparison of excess pore water pressure

The predicted results for both the settlements and the excess pore water pressure indicate
that major settlements had already occurred in the subsoil. The field data also confirm
these findings. The analysis and the observed data indicate that the settlements of the
peaty layer are significantly reduced by the SCP installation. The predicted settlement
pattern for the embankment foundation at the end of loading is shown in Fig. 7.22. The
figure shows that no strong geometrical distortion occurred anywhere in the embankment
foundation. Also, the outward lateral displacements of the subsoil due to the embankment
loading are very small. All these features indicate that the installation of SCPs improves

the bearing capacity of the subsoil and the stability of the embankment.

T -

Fig. 7.22: Predicted deformation pattern for the embankment
at the end of construction
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7.7 Prediction of the Consolidation Behavior of an
Embankment Constructed with both SCPs and
PVDs

SCPs are sometimes used under slopes to improve the embankment stability. SCPs are
also installed along the edges of embankments to strengthen the foundations and to
reduce the influence of ground movement on adjacent structures, such as buildings and
foundation area between the center of the embankment and the crest (13 m away from
center) was improved by PVDs by increasing the consolidation rate, and SCPs were
installed under the slope to strengthen the ground. The PVDs were installed in a square
pattern with a spacing of 1.1 m up to a depth of 12.3 m where stiff clay was found. The
SCPs were installed to a depth of 11.8 m from the original ground surface in a square
pattern with a spacing of 1.6 m. The diameter of each SCP was 0.6 m. The finite element
mesh, indicating the PVD-improved zone and the SCP locations, is shown in Fig. 7.23.

The considered subsurface profile is also shown in this figure.
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Fig. 7.23: Finite element mesh with a PVD-improved zone and SCP locations

The PVDs and the SCPs were installed in the field 48 days after the construction was
started. In the modeling, the behavior of the PVDs was simulated on the same date as the
field installation. For convenience, however, the SCPs were implemented in the modeling
from the start of the filling process. The parameters used in the analysis were the same as

those mentioned in the previous section.

The predicted settlements just under the center of the embankment are shown in Fig. 7.24
together with the corresponding measured field values. The figure shows an excellent

agreement between the predicted and the measured values during the monitoring period.
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Fig. 7.24: Comparison of settlements under the embankment center

The predicted pore water pressure and the corresponding field data taken under the center
of the embankment are shown in Fig. 7.25. Since the piezometers were installed after the
PVDs and the SCPs, the sudden drop in excess pore water pressure indicated in the
prediction could not be captured in the field monitoring data. Fig. 7.25 shows an excellent

agreement between the available field data and the predicted values.
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Fig. 7.25: Comparison of excess pore water pressure

The predicted pore water pressure and the corresponding field data taken under the center
of the embankment are shown in Fig. 7.25. Since the piezometers were installed after the
PVDs and the SCPs, the sudden drop in excess pore water pressure indicated in the
prediction could not be captured in the field monitoring data. Fig. 7.25 shows an excellent

agreement between the available field data and the predicted values.
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Fig. 7.26 shows the distribution of excess pore water pressure under the embankment. It
shows that more excess pore water pressure develops at the center and that the pore water

tries to migrate outward from the center.

0 9 18 28 37 46

Fig. 7.26: Distribution of excess pore water pressure in the foundation (kPa)

Fig. 7.27 shows the distribution of mean effective stress under the embankment
foundation. Very high stress is concentrated in the innermost SCP installed under the
embankment. Appreciable horizontal movements in the peaty soil in the PVD-improved
zone accompany embankment loading. Subsequent loading leads to large deformations in
the soil under the slope where rotational movements are anticipated. These movements
are mostly resisted by the innermost SCP. As a result, a rise in the excess pore water
pressure in this area and in the effective stress of the SCPs are both possible. The same
embankment was analyzed considering the effect of the PVD in the center, but without
considering the SCPs under the slope. Fig. 7.28 shows that the catastrophic failure of an
embankment can be prevented by the increase in shear resistance provided by the

improvement.
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Fig. 7.27: Distribution of mean effective stress for embankment foundation (kPa)

Fig. 7.28: Deformation pattern of the embankment foundation without
considering SCP improvement under the slope
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7.8

Summary and Remarks

A constitutive model was applied to predict the subsoil behavior due to an embankment

constructed using prefabricated vertical drains (PVDs) and sand compacted piles (SCPs).

Finite element analyses were carried out for all the cases by converting the actual three-

dimensional conditions around the drains into simplified two-dimensional plane strain

conditions. The field behavior when the PVDs were installed in the peaty clay was

simulated using the equivalent vertical permeability. In the case of SCPs, a conversion

scheme was used to transform the axisymmetric nature of the compacted sand columns

into equivalent plane strain conditions.

Through the analyses made in this chapter, the following conclusions are drawn:

1.

The laboratory consolidation model test data indicated that the prefabricated
vertical drains (PVDs) significantly accelerated the peat consolidation process.
The observed improvement due to the installation of the PVDs was captured well
by the model.

The model incorporating equivalent vertical permeability for the PVD-improved
embankment foundation yielded acceptable results in terms of the observed excess
pore water pressure and the settlements. The maximum settlement was recorded in
the field under the slope of the embankment (12.5 m away from the center); this

settlement pattern was accurately predicted by the model.

The correlation between the predicted and the observed excess pore water

pressure was generally good, but the results can be further improved.

The analysis indicates that the installation of PVDs not only accelerates the
consolidation rate, but also influences the deformation pattern of the subsoil due
to embankment loading. The lateral deformation of the embankment subsoil was

greatly reduced by the installation of PVDs.

The effect of PVDs on embankment stability was studied using the Matsuo
stability plot. It was found that the stability of the embankment was significantly
improved by the installation of PVDs.

Analyses carried out to simulate the behavior of embankment foundations treated
by SCPs indicate that the foundation stress was shared by the SCPs and the
surrounding soil in proportion to the relative stiffness of the two materials and the
area replacement ratio. Therefore, ground stiffness and the area replacement ratio
used in the conversion scheme play vital roles in predicting the behavior of SCP-

improved subsoil.
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7. The analyses reveal that the installation of SCPs under the embankment slope can

improve embankment stability.

8. Due to the good agreement obtained between the measured and the predicted
settlements and excess pore water pressure levels, the proposed method for
considering variable compressibility seems to be realistic in the analysis of stage-

constructed embankments which exert high levels of pressure on the peaty subsoil.

From these comparisons, it can be seen that the elasto-viscoplastic model incorporating
the described methods in the present chapter can be used to analyze the behavior of an
embankment on subsoil improved with prefabricated vertical drains and sand compaction

piles.
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Chapter 8

CONCLUSIONS AND
RECOMMENDATIONS

8.1 Summary and Conclusions

The consolidation behavior of peaty clay found in Sri Lanka was studied using the elasto-
viscoplastic model (Kimoto and Oka 2005). Analyses were performed considering all the
main features involved in the peat consolidation process, namely, finite strain, variable
permeability and compressibility, and the effect of secondary compression which is
assumed as a continuous process. In addition to these main features, the effect of
structural degradation on the consolidation was considered by introducing viscoplastic
strain softening in addition to strain hardening with viscoplastic volumetric strain. In the
model, the secondary compression was taken into account by viscoplastic parameter m’,
which is related to the C,/C,. ratio of the soil. The value of permeability was varied with
the void ratio throughout the consolidation process. The variable compressibility was
considered in the analysis of stage-constructed embankments which exert high levels of
pressure on the peaty subsoil, in order to take into account the nonlinear nature of the
e —log o, curve of peaty soil and the decreasing compressibility associated with the peat
consolidation process at higher stress levels. Finite element analyses were carried out
considering finite deformation using the updated Lagrangian method. The material
parameters were obtained using the available laboratory and field test results, and
empirical correlations were used in cases where there was a lack of test data. The

conclusions obtained from this study are as follows:

1) The composition of natural deposits of peaty soil may vary considerably among
different sites, as do their mechanical properties. Therefore, it is necessary to identify the

type of peat under consideration, as the resulting consolidation behavior may be region-
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specific. Investigations reveal that the peaty soils found in Sri Lanka are generally of the
amorphous type. Some useful relationships could be established between the physical and
the mechanical properties of Sri Lankan peaty clay. Also, correlations between
compression index and swelling index, and coefficient of secondary consolidation could
be observed. The pattern agrees well with similar results reported elsewhere, but the
numerical values of the correlations are different. This might be due to the lower organic

matter content reported in Sri Lankan peaty soil.

2) The experimental results confirmed that viscoplastic parameter m', which is related
to secondary compression, can be evaluated through the consolidation test results. The
model assumption for the occurrence of creep (or secondary) settlement as a continuous
process agrees well with the observed consolidation behavior under laboratory conditions.
The effect of using the results of laboratory tests on a thin soil specimen to predict the
development of strain with time for thick soil layers in the field can be successfully taken

into consideration with the model by keeping in mind the difference in initial strain rates.

3) In the finite strain analysis, changes in geometry affect the ground rigidity and the
rate of consolidation. Therefore, the finite strain analysis always predicts lower levels of
excess pore water pressure and settlements than the infinitesimal strain analysis. The
difference between the two methods becomes significant with the occurrence of large
strain. The simulation of the field consolidation behavior of peaty clay due to the
construction of compacted earth fill reveals that the finite deformation theory is more
representative than the infinitesimal strain theory for the consolidation analysis of
materials like peat which is highly compressible in nature. Also, the effect of structural
degradation has a significant influence on the predictions of the observed settlements and
the stagnated excess pore pressure occurring simultaneously in the field. The results of
the analysis confirm that when analyzing the consolidation behavior of natural soil
deposits, it is essential to consider the effect of the degradation of the structure of the

deposits in order to describe realistic in situ behavior.

4) The embankment analysis of natural peaty clay indicates that the model can be
successfully applied to predict both deformation and stability aspects of structures
constructed on peaty clays. The predicted settlements have shown a good agreement with
the measured data indicating that the observed large strain in the field was captured by the
model. The predicted settlement pattern for the embankment was different from a typical
one in which always the maximum settlement occurs at the center. Here, the calculated
settlement under the crest area (12.5 m away from the center) was greater than that of the

central area of the embankment during the construction period. This might be due to the
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stress conditions in the central area of the foundation, which are approximately one
dimensional, and to the edge area, which is two dimensional, as the embankment has a
large width compared to its height. The higher settlement that was predicted under the
shoulder area of the embankment foundation was possibly due to the result of local shear-
induced displacement. The stress-strain characteristics of the embankment foundation
indicated signs of instability in the foundation soil under the slope of the embankment.
The stress paths of the elements under the center area moved along the K, path, whereas
the stress paths of the elements under the toe area rose towards the critical state line
indicating that the toe area was more prone to plastic instability than the center region
under this embankment geometry. This was further illustrated by the distribution of
accumulated viscoplastic shear strain of the embankment foundation and the viscoplastic

volumetric strain vs. shear strain graphs.

5) The constitutive model was applied to predict the subsoil behavior due to an
embankment constructed with prefabricated vertical drains (PVDs). Two-dimensional
plane strain finite element analyses were carried out by the model using the equivalent
vertical permeability for the PVD-improved soil. This method permits the effect of
enhanced drainage to the PVDs, without subdividing any element into small pieces. It can
also be used to analyze the improved subsoil in the same way as that for the unimproved
subsoil. The model incorporating equivalent vertical permeability for the PVD-improved
embankment foundation yielded acceptable results in terms of the observed excess pore
water pressure and the settlements. The analysis also indicates that the installation of
PVDs not only accelerates the consolidation rate, but also influences the deformation
pattern of the subsoil due to embankment loading. The effect of the PVD installation on
the embankment stability was examined; it was found that the stability of the
embankment was greatly improved by the PVD installation. A comparison of the
predicted and the observed embankment behavior confirmed the applicability of the

Matsuo stability plot to evaluate the stability of embankments constructed over peaty soils.

6) The behavior when sand compaction piles (SCP) are installed in peaty clay was
predicted by the model using the conversion scheme which approximates the actual three-
dimensional conditions that exist around the drain into simplified two-dimensional plane
strain conditions. Analyses carried out to simulate the behavior of embankment
foundations treated by SCPs indicate that the stiffness and the area replacement ratio used
in the conversion scheme play vital roles when predicting the behavior of SCP-improved
grounds. Moreover, the analyses reveal that the installation of SCPs under an

embankment slope can improve the embankment stability.
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The work presented in this study indicates that the applied elasto-viscoplastic constitutive
model and the analysis methods can successfully take into account the main features of
the consolidation behavior of amorphous type of peaty soil. In addition, the constitutive
model and the analysis methods used here can be recommended for practical applications
to construction projects on Sri Lankan peaty clays because of the generally good

agreement obtained between laboratory and field conditions.

8.2 Recommendations for Future Work

In the present study, a comprehensive analysis was carried out to simulate the
consolidation behavior of peaty soils found in Sri Lanka. The conclusions stated above
are limited by the scope of the research. The following recommendations are made for

future research.

The results indicate that the constitutive model and the analysis methods adopted in the
present study can predict the consolidation behavior of the amorphous type of peat.
Having successfully predicted the consolidation behavior of amorphous peat, it would be
worthwhile to extend the model to describe the consolidation behavior of fibrous peat
which behaves significantly different from amorphous peat. Fibrous peat has a typical
anisotropic character due to the fresh organic fiber content. Therefore, it is necessary to
consider the anisotropic behavior in the stress-strain characteristics as well as in the soil

properties.

As described in the present research work, when constructing an embankment over
materials like peat, which consists of soft subsoil with low shear strength and high
compressibility, certain engineering procedures must be followed in order to prevent the
failure of the embankment and to control the subsoil deformation. Placing a layer of
reinforcement at the base of the embankment is one of the other methods that was not
described in the present research. The functions of a layer of reinforcement are: (i) to
provide tensile basal reinforcement, which contributes to the stability of the embankment
and (ii) to provide confinement to the embankment fill and foundation soil adjacent to the
reinforcement. This confining effect can reduce the lateral distortion of the subsoil due to
the embankment load, and therefore, the shear stress level in the soft soil. Therefore, an
analysis of the behavior of an embankment foundation with reinforcement on peaty soil

would be advantageous in these types of construction projects.

In the present research work, embankment loading was simulated by applying

incremental vertical loads to the upper boundary for simplicity in the finite element mesh

156



and the modeling. However, it is better to simulate the embankment filling by adding
element layers of the embankment together with a gradual increase in the weight with
time, as it can produce a more representative stress increase with the highly deformed

upper boundary surface normally associated with the peat foundations.
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Appendix Al

Finite Element Formulation for an
Infinitesimal Strain Analysis

The basic equation for incremental boundary value problems, based on the infinitesimal

deformation theory, can be expressed as

G +F =0 in ¥ (Al.1)

where o; is the total stress tensor and E-b is the body force vector for problem domain

V. The superimposed dots denote the time derivatives.

!

Effective stress tensor O';j and its rate form &;; are defined as

ij
ojj =0 +u,,0; (A1.2)
Gj = )+, 6 (A1.3)

where o;; is the total stress tensor and u,, is the pore water pressure.

Consider a bounded domain with the Dirichlet condition on a part of the boundary and the

Neumann condition on its complement.

[=r,+T, (Al.4)

On the stress boundary (Neumann condition)

oyn;=T; on T, (AL.5)

On the displacement boundary (Dirichlet condition)

w;=u; on I Al.6
1 1 u

where n; is the i ™ component of the unit vector normal to the surface.

169



Applying the principal of virtual work to the equilibrium equation (Eq.Al.1) and
incorporating the relationships mentioned in the above equations, it is possible to obtain

the following:

[oy0ydv = [ 630¢av + [, 5;0¢ v = [ F iydv + [ T iditzdr (AL7)
14 14 14 Vv r

where &¢;; is the virtual strain rate tensor and di; is the virtual displacement rate vector.

In the finite element formulation, Eq. (A1.7) is written in matrix-form as

[loe {olar = [{oe} {o'} av + [{oe} {i,, Jav

= [ou}" {Fb }dV +j{5a}T{f }dr

(A1.8)

In the above equation, total stress rate vector {6}, effective stress rate vector {5'}, and

strain rate vector {£} are defined as follows:

{d}:{d—xx o O'-xz}Tv {d’}:{d—;cx d-;z d-,xz}Ta {‘C}}:{éxx £z 7}xz}T (A1.9)

In Eq. (A1.8), {u} is the displacement rate vector, {u*} is the nodal displacement rate,

and {u,,} is the pore pressure rate vector.

{a}:{axx azz}T ) {u*}: {”;kcx a:Z}T ) {uw}:{uw Uy O}T (A1.10)

The term I{&é}T {it,,}dV in Eq. (A1.8) can be expressed as
4

IJ[W
[ 156y i}V = [106 o 02 o2 67 3 Wty pdV =i, [ 86, dV (AL.11)
4 4 0 14

which gives

[{oe} {o'yav +{a, ) 02, av = [ fouf" i lav + j{&z}T{f }dr (A1.12)

14 V 14 r

Displacement rate vector {u} in the element is approximated by shape function [N ] as

(a)=[NNa"} . {ai)=[N]oi" (A1.13)
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Similarly, strain rate vector { &} and volumetric strain rate { &, | in any element are given
by

E=[Bla"| . f{os)=[B] o'} (Al.14)
évz{Bv}T{a*}, 5g'v={BV}T{5a*} (A1.15)

where [B] is the matrix which transforms the nodal displacement into strain and {B, } is

the vector which transforms the nodal displacement into volumetric strain.

Using the nonlinear stress-strain relations of the geomaterials outlined in Section (3.2.1),
the following relationship between the effective stress rate vector and the strain rate

vector is established:
6}=[Dle}- {a} (A1.16)
in which [D] is the elastic modulus and {o"*} 1s the relaxation stress vector given as
16" |=[D) e | (AL.17)

T
Substituting Eqs. (A1.13)-(A1.16) into Eq. (A1.12) and dividing by {ﬁu*} yields

[K]{u* }+ i, 1K, )= {F }+ {F}+ {F”} (A1.18)
where
[x]= [[8] [D]Blar (A1.19)
K, }=[{B,}dr (A1.20)
relaxation force ~ {F* }: .[[B]T {o"* }dV (A1.21)
external force ~ {}7}= I[N]T{T}dr (A1.22)
body force ~ {7 {= [[N]{F jar (A1.23)
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The pore water pressure increment in the equilibrium equation (Eq. Al1.18) can be

transformed by the following finite difference technique:

_ Uy t+ At~ Ut (Al 24)
At ’

w

Similarly, the derivative of the displacement can be written as

it = A (A1.25)
At

Using Eqgs. (Al1.24) and (A1.25), the final weak-form of the equilibrium equation

becomes

[N A K Kt a0 = [ N+ A1 O} (A1.26)
where
{0 }={F"j+ {F+{£?} (A1.27)

Next, the equation of continuity is formulated. This is derived from the equation for the

balance of mass and the equation for the motion of the fluid phase (Darcy's law).

Assuming the net outflow per unit time from region V' is equal to the volumetric strain of

the same region per unit time, the following relationship can be derived:

_ i

&= &y = div{ v} (A1.28)

ax i

where ¢, 1s the volumetric strain assumed to be positive in the volumetric compression

and v; is the velocity vector.

From Darcy’s law, a flow velocity vector { V} can be expressed as

{vi= I (A1.29)

where £ is the coefficient of permeability and / is the total head defined as

p=tw U (A1.30)

Tw 7w

in which u,, is excess pore water pressure, u,is static water pressure, z is potential

head and y,, is unit weight of water.
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Since, u, /y,, + z is constant, substituting Eq. (A1.30) for Eq. (A1.29), the flow velocity

vector {v} is as follows:

1 LA L TP LT (AL31)
Yw 8{ } 7w 0x;
As a result, the following continuum equation can be obtained:
é, _ ik 0 [duy (A1.32)
Gxi Yw le- axl-

Integrating Eq. (A1.28) in elemental region ¢ and using the Gaussian divergence theory,

the volumetric strain in each element can be calculated.

&, dV = dzv dV n Vin dT (A1.33)
Jaar=]| J v o = I
V@ Ve re

Under 2D plane strain conditions, the above equation can be expanded to

jg dv = j vndl = Z j(vxnx+v n',)db (A1.34)
ve re =1 p;

in which 7 is the number of elements next to the element under consideration.

by by

. [Z2%%%)

Fig. A1.1: Drainage distance used to evaluate the rate of flow (Tamura 1979)

Using the implicit backward finite difference scheme, the excess pore water pressure
indicated on the right-hand side of Eq. (A1.34) is approximated. In the approximation, the
pore water pressure is defined at the center of each element. It can be assumed to flow
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between the centers of the neighboring two elements due to the excess pore water
pressure. In case all elements in V7 are rectangular in shape, Eq. (A1.34) can be simply

expressed as

4
[aiviviar = puy, =3 Bittwi pans (A1.35)
V i=1
k b J
where pi=—=L , B=Dp (A1.36)
Vw Si i=1

On the other hand, the left-hand side of Eq. (A1.34) can be written as

&y dV =—IK, ' {au (A1.37)
fovar =) o

From Egs. (A1.35) and (A1.37), the continuity equation can be formed as follows:

4

T %
[Kv] {Au }: AtPuy, v — Zﬂi”wi,mm (A1.38)
i=l1

The discretized form of the continuity equation finally becomes
[KV]T{M*}+ At{ B Wty rnef=10) (A1.39)

Combining Egs. (A1.26) and (A1.39), the generalized force-stiffness formulation for the

infinitesimal strain analysis is obtained as

K] (& 7] {au”] (K, Y, +{AQ |

. =14 (A1.40)
[Kv] ﬂ {”w,t—i—At} Z:Biuwi,HAt
i=1
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Appendix A2

Evaluation of Equivalent Vertical
Permeability for PVD-improved Subsoil

The evaluation of equivalent vertical permeability for PVD-improved subsoil proposed by
Chai et al. (2001) can be derived as follows.

Using Carrillo’s theoretical solution (1942), the effects of vertical and radial drainage can

be combined as

U, =1-(1-U,)(1-U,) (A2.1)

U ,, = average degree of consolidation of PVD-improved subsoil
U, = average degree of consolidation due to radial drainage

U, = average degree of consolidation due to vertical drainage

According to Hansbo’s solution (1981), which was derived from the equal vertical strain

assumption and disregards the vertical drainage of natural subsoil,
8
U, :l—exp(——ThJ (A2.2)
7

where T}, is the time factor and can be expressed as
T, =Cyt/D? (A2.3)
in which
C;, = coefficient of consolidation in the horizontal direction

D, = diameter of the unit cell

t =time
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The value of x can be expressed as

2
p=tn" ey =3 4 2 2K (A2.4)
s kg 4 3q,,
where
D, o . dyg o
n= 2 d,, = diameter of drain s =—>- dg = diameter of the smear zone
w w

kj, and kg = horizontal hydraulic conductivity of natural and smear zones
[ = drainage path

q,, = discharge capacity of PVD

The average degree of vertical consolidation (U, ) is calculated using an approximation

of Terzaghi’s solution

U, =1-exp(-C,;T,) (A2.5)

where 7, is the time factor for the vertical consolidation

T,=C,t/H? (A2.6)
v v

in which

C,, = coefficient of consolidation in the vertical direction

H = vertical drainage length

¢, = constant that can be determined by curve fitting by Terzaghi’s exact
solution and the approximation solution used here.

By substituting the values from Egs. (A2.2) - (A2.6) into Eq. (A2.1)

U, =1- exp(— 8 ThJ +1-exp(-C,T,) - (1 - exp(— 8 T, J](l —exp(-CyT,))
H H

=1- exp[— 8 1, J exp(—=Cy4T,) (A2.7)
Y7
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Assuming U,, =1-exp(-C,;T,,), Eq. (A2.7) can be written as

8
CdTvr:;Th +CdTv

The following relationships also exist:
2 _ 2 2
T,=Cyt/H*, T,=Cut/D? , T, =C,t/H

C,=ky/myy, , Cyp=kpimyy, , Cy,=kylm,y,

Assuming m,, =my =m,,.,

When C; = 3.2 (Chai et al. 2001),
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(A2.10)

(A2.11)
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