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An Experiment of Steel Reinforced Concrete Cruciform Frames
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(Manuscript received December 25, 1973)

Abstract

An experimental study is carried out on the behavior of steel reinforced concrete beam-to-column
assemnblages subjected to constant vertical and repeated horizontal loads. The effects of the depth
of H-steel cross section, the ratio of the flexural strength of H-steel to the total flexural strength of
the steel reinforced concrete cross section and the vertical load on the behavior of the specimens
failing in the flexure in the colurnn or in the shear in the connection panel are investigated.

1. Introduction

The experimental study presented in this paper was planned to investigate the
elastic-plastic hysteretic behavior of precast steel reinforced concrete beam-and-
column assemblages, which have been frequently used in the recent practice of
the prefabricated construction of building structures. In the usual prefabricated
beam-to-column connections, the most general construction pattern would be the
combination of the steel reinforced concrete columns and steel concrete or pure steel
beams. The detail of the steel beam-to-column connection requires the thicker con-
crete cover of the column, and sometimes the ratio of the depth of the steel portion of
the column to the total column depth becomes 1/3. In addition to this tendency,
from the economical point of view, the larger fraction of the total bending moment
capacity of the column tends to be shared by the reinforced concrete portion rather
than by the steel portion of the column. Under these circumstances, a rather unbal-
anced proportioning of the steel portions of the column and the beam is frequently
encountered, and some problems arise; Does the maximum fexural strength
computed by the so-called method of superposition for such a column with a thick
concrete cover really develop? Does the undesired strength deterioration occur in
the process of repeated loading? What percentage of the total shear strength
of the panel can be carried by concrete? Probably the most critical question may be
whether the proper stress transmission could be anticipated in the panel zone con-
sisting of the unbalanced combination of steel portions of the column and the beam.

To obtain the answers to the questions stated above, planned was a series of tests
on steel reinforced concrete beam-and-column assemblages under constant vertical
and repeated horizontal loads, with the experimental parameters being the ratio
of the flexural strength of steel portion to the total column strength, the magnitude
of the vertical load on the column, depth of H-steel portion in the column and the
failure mechanism, i.e., the flexural failure of the column or the shear failure of the
connection panel.
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2. Tests

2.1 Test Specimen

Twelve cruciformed steel reinforced and ordinary reinforced concrete specimens
are characterized by 4 testing parameters as shown in Table 1; the flexural strength

Table 1 Characteristics of specimens

Flexural H-Sieel Cross Flexural Shear
Ratio Section (mm) Failure Failure
300 x 100 F1, F2 Sl
Steel 0.8 250 x 100 F3, F4 S2
Reinforced
Concrete 200 x 100 F5
Column
300x 90 ‘ F6 s3
0.4
250100 | F7
Reinforced g
Concrete 0 0 R1* R2*
Column )

* Actually bond failure occurs.

ratio, failure mechanism, depth of the H-steel section in the column and the magnitude
of axial load, where the flexural strength ratio is the ratio of the full plastic moment
of the built-up H-steel section to the flexural strength of the total column cross sec-
tion under pure bending. The following values and types are selected for each of the
above described testing parameters.

Flexural strength ratio: 0.8, 0.4 and 0.

Depth of H-steel section: 300, 250 and 200 millimeters.

(ratio to the depth of  (2/3) (5/9) (4/9)

total cross section)

Failure mechanism: flexural failure of the column cross section and shear failure

of the connection panel.

Axial load: 70 and 140 tons.
The following design considerations are given to each of the specimen.

1.

Column cross section of each specimen is so designed to have approximately
constant value of the maximum flexural strength, computed for the zero
axial load case by the superposition of the contributions from each component
parts; steel, reinforcing bars and concrete.

Each specimen is so designed to fail cither in the flexure in the column cross
section or in the shear in the connection panel.

Column cross section js either of steel reinforced concrete or of ordinary rein-
forced concrete. Beam cross section consists of H-steel encased in concrete.
The face of one flange of H-steel cross section is not covered by concrete*™.

*]e

Bare flange style is frequently used in the prefabricated construction practice. Studs or other
type shear connectors to connect prefabricated slab plates will be eventually welded on the
bare flange face.
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4. In order to aviod the shear failure in the column and the shear and flexural
failures in the beam, amount of stirrups in the column and thicknesses of
flange and web plates of the beam are sufficiently large¥2.

The characteristics of each specimen are tabulated in Table 1, from which testing

parameters controlling each specimen can be read. In Fig. 1, the cross sectional
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Fig. 1. Cross sections of columns and a beam.

proportions of beams and columns of twelve specimens are shown. H-steel section
is built-up from the plates with specified thicknesses. Both ends of main reinforcing
bars are welded to the steel end plates. Beam cross section is identical for all of 12
specimens. Thickness of concrete cover is commonly 2 cm, measured from the
outside face of stirrups. Center-to-center distance between the main reinforcing
bars in the first and second rows is 5 cm if necessary.

Dimensions of the cruciform specimen is shown in Fig. 2, which are common for
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Fig. 2. Size of specimen.

*2: In specimens R1 and R2, spacing of stirrups to prevent the shear failure in the column is teo
small. Column lengths of these two specimens are thus increased to about twice the column
length of others.



78 M. WAKABAYASHI, T. NAKAMURA and §. MORINO

all specimens except specimens R1 and R2. Column length of these two specimens
is 1200 mm instead of 675 mm for the others (marked with an asterisk in Fig. 2).
Points A, B, C and D are supporting points of the columns and loading points on
the beams, respectively.  Steel portion of each specimen is built up by groove welding
columns to the single member of the beam.

2.2 Loading System

Figure 3 shows the loading set-up schematically. Whole view of the test is shown
in Photo. 1. Constant vertical load is applied by 200 ton hydraulic jack(marked

1200 ton Hydrautic Jack
‘Reaction Wall

: Supperting Block
:2001on Load Cell

150 ton Hydraulic Jack
: Supporting Block
50 ton Load Cell

* Supporting Block
tLoad Celt

AR ..
- I oo M m O O m >»

Fig. 3. Loading system.

Photo. 1. Test set -up.

A in Fig. 3), and its reaction is carried by the reaction wall (B) and the supporting
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block (C). The magnitude of the vertical load is measured by 200 ton load cell
(D). Alternately repeated horizontal loads are applied at the beam tips simultaneous-
ly by two 50 ton push-pull type hydraulic jacks (E). and their reactions are supported
by the wall and the block (F). The magnitudes of the horizontal loads are measured
by 50 ton tension-compression load cells (G). The horizontal reactions at the column
ends are carried by the supporting blocks (H) and rmeasured by the load cells (I).

Each of the supporting blocks 1s fixed to the test bed by steel tendons for prestressed
concrete construction with 33 mm diameter (tensile force: 60 tons). Hydraulic
jacks and load cells for the horizontal loading are sandwiched by two pins, and they
allow the movement of the specimen in the direction perpendicular to the axis of the
horizontal load application. The out-of-plane movements at both beam tips are
prevented by “caterpillar’ type lateral buckling preventers (Photo. 2). End supports
for the column are supplied by the combination of ball and roller bearings, as shown
in Fig. 4.

Photo. 2. Lateral buckling preventer.

=

vertical Ioadm
—_— column
—~—-roller bearing
ball bearing

horizontal reaction

Fig. 4. Supporting]system at column end.

Figure 5 shows a typical loading program for the repeated horizontal load. First,
the prescribed magnitude of the vertical load is applied on the column of the specimen,
and it is kept constant during the test. The specimen then experiences -+ 10 tons
of the horizontal loads applied at the beam tips as the first cycle of the horizontal
loading. From the second cycle, the loading is so controlled that the amplitude of
the chord rotation angle*3 of the column be the prescribed value as shown in Fig.
5; 0.0[, 0.02, 0.03, 0.04. At each amplitude, two cycles of loading are applied

*3: See section 2.3.
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on the specimen, and hence 9 cycles of loading are specified. F2 and F4 are subjected
to 140 ton axial load, and others are subjected to 70 tons.

(x10%)

NN = O =N w T

*H=10ton

Fig. 5. Loading Program.

2.3 Data

Displacements and strains occurring in the specimen are detected by dial gauges
and wire strain gauges, respectively. Figures 6(a) and (b) show the displacement

Frame
for measuremeri

< L
\Dial gage

(a)

(b)
Fig. 6. Displacement detection system.



An Experiment of Steel Reinforced Concrete Cruciform Frames 81

detection system. Horizontal displacements at column ends are measured by two
dial gauges in Fig. 6(a), as movements at the two tips of the one bar of the cruciformed
measuring frame, the other two bar ends of which are fixed to the specimen by bolts
encased in the beams at the points of the horizontal load application. Two dial
gauges are placed on the columns at the points of the horizontal reaction. Column
displacement 4§ is given by the formula

A1+ 42
6= &)

where 4' and 4 are data detected by two dial gagues in Fig. 6(a). The chord
rotation angle R of the column is given by

0
R=— )
where L is the column length, and 1200 mm for specimens R1 and R2 and 675 mm
for all other specimens should be taken.

Two dial gauges in Fig. 6(b) are used for measuring length changes of two diago-
nals*4 of the panel zone rectangle. The shear deformation angle y of the connec-
tion panel is given by the formula

_ 43— 44 ot bE
T="" ab ®)

= T
Column i train gages 3
109 8 7:6 5 ] l
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! i
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H E (Unit: mm)

Fig. 7. Locations of strain gauges on reinforcing bars.

*4: Length of the diagonals means the diagonal distance between two bolts welded to the steel
portion at intersecting points of center lines of beam flanges and rib plates.
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where #3 and 44 are detected data by two dial gauges, and a and b are lengths of
sides of the panel rectangle. The measured values of 2 and b are shown in Table 5.

The longitudinal strains occurring in beams and columns, and strains in the con-
nection panel are detected from the wire strain gauges mounted on concrete face
and steel flanges of the beams and columns, and rosette gauges mounted on the
concrete and steel panel zones. The most important observations are made {from
the strain data obtained from a set of the wire strain gauges mounted on the main
reinforcing bars of specimen R2 with 10 cm interval. This is to investigate the
strength reduction caused by the slip of the reinforcing bars occurring around the
connection panel. Exact locations of the wire strain gauges for this purpose are
shown in Fig. 7.

3. Test Results

3.1 Mechanical Properties of Materials

Mechanical properties obtained from the cylinder test for concrete and the tension
tests for the reinforcing bars and the steel plates are tabulated in Tables 2, 3 and 4,
respectively.

The weight ratio among cement, sand and gravel for the used concrete is 1:2.97:
3.25, and water-cement ratio is 58%,. The result of the slump test is 10 ecm. Four

Table 2. Concrete strength.

. Compressive Strength Tensile Stren
Specimen (kg/em?) ko
Fl 312.3 26.3
F2 380.8 28.7
F3 373.6 30.6
F4 384.2 28.8
F5 388.8 31.7
Fé6 340.8 28.7
F7 386.7 32.0
Sl 316.7 27.5
S2 349.9 29.2
S3 330.9 25.0
Rl 241.1 21.7
R2 342.5 32.1

or three out of 6 cylinders are supplied to determine the compressive cylinder strength
F_, and the other two or three are for the splitting tensile tests. The main tests of
cruciform specimens are done after a week to 5 weeks have passed from the time of
concrete casting. Cylinder tests are carried out in the same day as the corresponding
main tests.

Two tension test specimens are taken from each of main reinforcing bars and
stirrups of each cruciform specimen, and mean values of test results are tabulated in
Table 3. As for the steel plates, 3 tension test specimens are prepared for each thick-
ness of the plates involved in the cruciform specimens. Mean values of the mechani-
cal properties are agian shown in Table 4.
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Table 3. Mechanical properties of reinforcing bars.

. Size*! | Area*! | Yield Stress | Maximum Stress Nl‘axlmur.n
Specimen Elongation
(mm) (cm?) (t/em?) (tfemn?) (%)
Fl D13 1.27 3.769 5.878 20.7
F2 D13 1.27 3.894 5.898 20.1
F3 D13 1.27 3.833 5.906 19.1
F4 D13 1.27 3.852 5.890 19.8
F5 D13 1.27 3.860 5.928 19.5
F6 Dl6 1.99 4.186 6.015 20.4
Main*2 D13 1.27 3.715 5.776 20.4
Reinforcing F7 Dl6 1.99 3.637 5.503 23.5
Bars D13 1.27 3.882 5.869 19.4
S] D13 1.27 3.791 5.909 20.8
S2 D13 1.27 3.870 5.914 20.1
S3 Dl6 1.99 4,180 6.013 23.1
D13 1.27 3.801 5.854 20.3
RI DI9 2.87 3.800 5.904 21.5
R2 D19 2.87 3.950 5.791 23.5
F1, S1, S3 6 0.28 6.929 7.643 6.7
F6, R1 9 0.94 3.531 4.688 6.0
Stirrups*3 | F2, F3, F4, F5,
F7, 82 6 0.28 6.098 6.586 9.5
R2 9 0.94 2,282 3.150 26.5
Note: *1 Nominal size used.
*2 Material is SD35.
*3 Matenial is SR24 or equivalent.
Table 4. Mechanical properties of steel plates.
. Thickness*! Yield Stress | Maximum Stress Maxmmuz_n
Specimen Plate Elongation
(mm) (t/cm?) (tfem?) (%)
Flange 6 3.923 5.480 28.6
F1 Web 6 3.923 5.480 28.6
Panel 22 3.317 5.377 32.8
Flange 6 3.916 5.493 26.4
F2 Web 6 3.916 5.493 26.4
Panel 32 3.130 5.094 33.1
Flange 9 3.294 5204 2938
F3 Web 6 3916 5.493 26.4
Panel 32 3.130 5.094 331
Flange 9 3.294 5.204 29.8
F4 Web 6 3.916 5.493 26.4
Panel 32 3.130 5.094 33.1
Flange 12 3.711 5.513 28.8
F5 Web 6 3.916 5.493 264
Panel 32 3.130 5,094 33.1
Flange 4.5%2 2.483 4.020 35.6
F6 Web 6 3.923 5.480 28.6
Panel 22 3.317 5.377 32.8
Flange [ 3.563 4.685 28.8
F7 Web 6 3.916 5.493 26.4
Panel 32 3.130 5.094 33.1
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Table 4. Mechanical properties of steel plates plates (continued)

Soec Thickness* | Yield Stress | Maximum Stress | imum
pecimen Plate Elongation
(mm) {t/cm?) (t/cm?) (%)
Flange 6 3.923 5.480 28.6
S1 Web 6 3.923 5.480 28.6
Panel 6 3.923 5.480 28.6
Flange 9 3.294 5.204 29.8
S2 Web 6 3.916 5.493 26.4
Panel 6 3.916 5.493 26.4
Flange 4.5%2 2.483 4.020 35.6
S3 Web 6 3.923 5.480 28.6
Panel 6 3.923 5,480 28.6
Beam: Flange 36 3.443 5.319 37.1
Fl, F6, S1, Web 12 3.610 5.332 28.6
s3, R1
Beam: Flange 36 2.817 4.818 37.5
F2, F3, ¥4, Web 12 3.711 5.513 28.8
F5, F7, 2,
R2

Note *1 Nominal size used.
%2 Material used is SS41, and all others are SM50.

3.2 Horizontal Load-Displacement (Chord Rotation Angle) Curve

The hysteretic relationships between the horizontal load H and the column dis-
placement § or the column’s chord rotation angle R are shown in Figs. 8 (2) to (1).
Tn these figures, the first hysteresis loop obtained under each displacement amplitude
is plotted by a solid line, and the second one by a dashed line.

The following general observations may be derived from the comparison of hys-
teresis loops.

l.

Specimens with steel reinforced concrete columns under 70 ton vertical load:
The imaginary load-displacement curve obtained by connecting the origin
and turning points on the hysteresis loops obtained in the first loading cycle
under each displacement amplitude, shows clear unloading in case of shear
failing specimens, S1 and 83, while that shows a rather long plateau in case
of the flexural failing specimen, F1*5.

However, this experimental observation is reversed for specimens F3 and $2.
This unloading portion can be more or less observed for specimens F5 and
F7, although they fail in the flexure of the columns.

As a whole, the strength deterioration observed in the second loading cycle
at each displacement amplitude is small except for specimen F7. Specimen
F7, which has the second smallest depth of the H-steel cross section and the
flexural ratio of 0.4, shows quite large strength deterioration in the second

*5:

As a matter of fact, in case of F6, the breakage occurring at the welded end of the column
steel to the beam (see Photo. 3) caused a rapid unloading when the chord rotation angle is
reaching 0.03 radian. However, supposing this breakage would not have occurred, it would
be expected that the above statement is true also for F6.
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cycle, and this deterioration becomes larger as the displacement amplitude
Increases.

In general, hysteresis loops of the flexure failing specimens are spindle shaped,

while the shear failing specimens show slightly thinner hysteresis loops.
Specimens with ordinary reinforced concrete columns: The hysteretic be-
haviors of specimens R1 and R2 are quite different from others explained
above. The imaginary load-displacement curve obtained by connecting
turning points shows very steep unloading curve. In addition, the strength
deterioration in the second loading cycle under each displacement amplitude
is quite severe, and the energy dissipation could not be much expected in the
second loading cycles. Each of hysteresis loops becomes very thin compared
with those of specimens with steel reinforced concrete columns.
Specimens under 140 ton vertical load: Specimens F2 and F4 are subjected
to twice as large vertical load as others. Otherwise the proportioning for
these two specimens is identical to specimen F1*¢ and F3, respectively. The
effect of the vertical load clearly appears as the phenomena such as the un-
desirably large strength deterioration with the increase of the displacement
amplitude, and the small deformation capacity. The test is terminated when
the connection panel portion sticks out in the direction perpendicular to the
plane of the specimen, caused by the large vertical load.

5

Photo. 3.

B

Breakage of welded column end.

The thickness of the steel plate in the connection panel of F2 is larger than that of FL.
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3.3 Horizontal Load- Shear Deformation Curve

Figures 9 (a) to (1) show the hysteretic relationships between the horizontal load
H and the shear deformation angle y in the connection panel, in which the hysteresis
loop obtained in the first loading cycle under each displacement amplitude is shown
by a solid line and that in the second is shown by a dashed line. These experimental
results are all deduced from the dial gauge data.

Some parts of the hysteresis loops indicate the unrealistic dial gauge data. This
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Horizontal load-shear deformation relations (continued).

(g)

Fig. 9.

H(t)

is considered as a result of the prevention of {ree and smooth movement of the bolts
supporting the dial gauges caused by broken concrete fragments in the connection
panel zone. However, the following observations may be available:

The shear deformation angle in the connection panel of the shear failing specimens
constantly increases with the increase of the displacement amplitude controlling the
loading hystory. On the other hand, that of the flexural failing specimen increases
to about 0.01 when 3 cycles of loading are terminated. The increase of the shear
deformation angle caused by the subsequent loading is not very large*’. Although

*7: This statement is not true for specimen F6. Rather large shear deformation observed in
this specimen may be related to the breakage of the welded column end, but a reasonable
explanation could not yet be given.
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the final failure of the specimen is due to the flexural failure of the column, the con-
nection panel does not necessarily remain in the elastic range, and yielding in the steel
panel plate and crack propagation in the concrete panel can be observed.

The test result of specimen R1 is rather unreliable, and hence H- curve computed
from the rosette gauge data of the steel panel plate is shown in the lower right figure
in Fig 9 (k), to understand that the connection panel does not fail.

3.4 Crack Observation

The crack patterns around the connection panel at the final state of the test are
shown in Figs. 10 (a) to (1). To simplify the description of the crack initiation and
propagation, let us call the first half of the hysteresis loop obtained in the Nth cycle
of loading as N/2, and the second half as 2N/2.

The crack patterns at the final state of the test observed from those figures seem
very similar for all specimens. However, the patterns of the crack initiation and
growing clearly show the difference of the failure mechanism of each specimen.

For all specimens, the bending crack first appears on the beam during 1/2 cycle of
loading, since no reinforcing bar is provided to the beam.

As for the flexure failing specimens (excluding R1 and R2, which will be clarified
later to fail in the slip of the main reinforcing bars), the bending cracks on the column
initiate from several different locations during 1/2 to 3/2 cycles of loading, and they
keep growing to become shear cracks on the column in the subsequent loading.
At the same time or later, the cracks along the main reinforcing bars or the steel
flanges in the column appear, and they also keep growing. The shear cracks in the
panel zone also appears nearly at the same time as, but not before, the bending cracks.
However, they do not grow much until the specimen reaches its final state. In
specimens F2, F3, 4 and F5, the appearance of the shear cracks in the panel is quite
late (at 4/2 or 7/2 cycle of loading).

In case of the shear failing specimens, on the contrary, the shear cracks in the
panel grow more rapidly than the bending cracks in the column, although they
appear almost simultaneously at 1/2 to 3/2 cycles of loading. The initiation of the
cracks along the main reinforcing bars is delayed to 7/2 cycles of loading.

Regardless of the failure mechanism, the concrete at the flexural compression side
of the column end begins to crash after 5/2 to 11/2 cycles of loading, and then the
crashed concrete fragments drop down from the compression side of the column and
also from the panel zone. At the very end of the test, the main reinforcing bar in
the panel zone buckles out of the concrete cover, and the out-of-plane deformation
and torsional deformation of the column are observed in some specimens.

For specimens under 140 ton vertical load, which are both designed to fail in the
flexure of the column, more or less the same crack pattern as described above is ob-
served. The initiation of the cracks along the main reinforcing bars, the drop down
of the crashed concrete fragments, the buckling of the main reinforcing bars and the
out-of-plane deformation of the specimen, occur a little earlier than in the case of
specimens under 70 ton vertical load. Both tests are terminated when it becomes
impossible to keep the prescribed vertical load (140 tons) constant during the applica-
tion of the horizontal load.

Characteristics of the specimen with ordinary reinforced concrete columns lie
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(e) F1 / (b) F2

(¢) F3

(e) ¥5

Fig. 10. Crack patterns.

91



92 M. WAKABAYASHI, T. NAKAMURA and S. MORINO

Steet
Flange

- / /
[

(g) F7 (h) s1

/
\ ? Steel
) 4 (7 Flange
J

1

(1) s3

(k) R1

Fig. 10. Crack patterns (continued).
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in the process of rapid growing of the cracks along the main reinforcing bars, which
appear during 2/2 to 3/2 cycles of loading. The shear cracks in the connection panel
do not appear until 4/2 to 7/2 cycles of loading. The buckling of the main reinforcing
bars and the out-of-plane deformation are not observed.

4. Computation for the Maximum Load Carrying Capacity

The maximum load carrying capacity of each specimen may be computed from the
maximum flexural strength of the column cross section or from the maximum shear
strength of the connection panel, according to the design conditions for each specimen.

The maximum flexural strength of the column cross section can be obtained by
two approaches. The one is the so-called “method of superposition”, which sums
up the bending moment M — axial force N interactions for each component part;
concrete, steel and reinforcing bars. FEach interaction is independently obtained.
Strictly speaking, this method violates the strain compatibility which is resulted
from the assumption that the plane remains the plane after the deformation occurs.
Then, the other approach, which is the so-called “method of ultimate strength’, is
also possible, in which the strain compatibility is considered.

As for the computation of the maximum shear strength of the connection panel,
the method of superposition is employed, in other words, it is assumed that the
maximum shear strength is given as the sum of the contributions from the steel panel
and concrete panel computed independently. Derivation of the equations shown
in this chapter is quite lengthy, and thus only the final versions of the necessary
equations are shown. The readers may refer to Refs. 1 and 2.

4.1 Assumptions

Compressive stress-strain curve of concrete is assumed to be given by a parabola

Oc_ .e_c_(gc)z
=2 )

€s €p

and a straight line connecting (5, 65) and {(1+«)es 0.7505}, where

op. concrete stress

&> concrete strain

op: Mmaximum concrete strength

€5t concrete strain corresponding to gp

x: a parameter determining the limit of the concrete strain
This relation is plotted in Fig. 11. 1In the actual computation, it is assumed that
ex=0.0015 and r=1. The maximum concrete strength s, is computed from

A
—F,. (085 2sBCD> (5)
where
Fy: cylinder strength of concrete
A,: area of flange and main reinforcing bars in the compression side
B, D: width and depth of the cross section, respectively
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Fig. 11. Stress-strain relation of concrete.

Concrete is assumed to provide no tensile strength.

For steel elements and main reinforcing bars, the stress-strain relationships are
assumed to be ideal elastic-perfectly plastic, and Young’s modulus for both of them
is assumed to be identically 2.1 X 108 t/cm?®*8,

It is assumed that the total cross section containing concrete, H-steel and the main
reinforcing bars is entirely doubly symmetrical as shown in Fig. 12, and that two
flanges and all reinforcing bars have their common yield stress levels, respectively.

In Fig. 12,

4+ Bt
+ 4
o oo T
dwD dfD t drp0
4+ +1| o=H—o +
d D
A,
4| O——=0
(o] o J
+—b—

Fig. 12. Cross section of a column,

width of cross section
depth of cross section
steel flange width
H-steel depth

{,: flange thickness

Ay D

*8: Young’s modulus for the deformed bar obtained from the results of tension test and the nominal
area is quite different from this value. The real value, 1.736 X 10? t/cm?, is used only when
the analysis considering the slip of the reinforcing bars is carried out.
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d,\D, d,,D: distances between the extreme fiber and the gravity center of rein-
forcing bars in the first and second rows, respectively.
d,D, d,D: distances between the extreme fiber and the gravity center of the
flange, and the extreme fiber of the web, respectively.
It should be noted that the compression is positive and tension is negative in the
following discussion.

42 Maximum Flexural Strength of the Cross Section — Method of Super-
position
a. M-N Interaction of Concrete
Taking the neutral axis ratio k£ as an independent variable, the axial force N,
(positive in compression) and bending moment M, carried by concrete can be given
by the formulas

_ 16+21x
Ne= 4014 ry BDOak ‘
(6)
_ (164376 +21k? _ 6+16K+11k2 ) 1 ;
M= = 26k )y Bk

where £ is the distance between the extreme fiber in the compression side and the
neutral axis, divided by the total depth D. With k changing from 0 to 1.0, M-N
interaction curve for concrete is obtained, as plotted by thin solid line in Fig. 13 (a).
Equation (6) is not valid when k exceeds 1.0. 1In this computation, the pure com-
pressive strength (marked A on the interaction in Fig. 13 (2)) is assumed to be given
by 0.756,BD, in other words, uniform strain (1 +£)-¢, is distributed throughout the
whole area.
b. M-N Interaction of H-Steel Section

The interaction of H-steel section may be obtained by connecting two extremums
by a straight line; the full plastic states due to pure bending and uniaxial force.
This interaction is a little conservative compared with the real interaction for H-
steel cross section, however, for simplicity, the formula

M,
bt (1=2d)D+0,+ L t,(1-2d,)2-D%,0,

N, -
+2b-t,-fo')+tu,(l—zdw)aD-,,,(ry =1 @

is taken for computing the interaction, and Eq. (7) is plotted in Fig. 13 (a) by a
thin dashed line.
In Eq. (7),
M,, N,: bending moment and axial force (positive in compression) in H-steel,
respectively.
10y, woy:  yield stresses of flange and web, respectively.
c. M-N Interaction of Main Reinforcing Bars
Interaction between bending moment M, and axial force N, (positive in com-
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pression) of the main reinforcing bars can be obtained from

M, + N, =1 (8
e, -(1-24d,)-D-,0,,+a,-(1-2d,).D-,0,,  2(a,+,0,+a,,r,0,,)

where a,,, ,0, and d,,D (i=1, 2) are total area, yield stress and distance between
the extreme fiber of the cross section and the gravity center of the bars, respectively
(see Fig. 12). The results of computation by Eq. (8) is given by a thin dash-dotted
line in Fig. 13 (a).
d. M-N Interaction of Total Cross Section

M-—N interaction of the total cross section of steel reinforced concrete can be obtained
as the maximum absolute value of the sum of vectors, which interpret the states of
forces working on the concrete, H-steel and reinforcing bar cross sections. Results
of computation for the M-N interaction of each specimen using the real dimensions
of the column cross-section (tabulated in Table 5) are shown by thick solid lines in
Figs. 13 (2) to (1). The interaction curve is symmetrical about the N-axis, and thus
only a half portion (positive values for M) is shown in each figures.

Table 5. Dimensions of Cross Section.

Specimen F1 | F2 i F3 | F4 F5 | F6
B 200.0 200.0 200.0 200.0 200.0 200.0
D 450.0 450.0 450.0 450.0 450.0 450.0
b 100.35 100.63 100.24 100.28 101.26 89.07
d 301.61 300.99 250.28 250.33 199.86 300.07
te 6.71 6.20 8.97 8.98 11.93 4.51
tw 6.45 5.81 5.66 5.84 5.73 6.08
d¢D 71.55 77.61 104.34 104.33 131.04 77.22
dnD 80.91 80.71 108.83 108.82 137.00 79.48
diD 32.5 32.5 32.5 32.5 32.5 37.0
deaD 87.0
a1 2.54 2.54 2.54 2.54 2.54 3.98
ace 2.54
ty 22.49 32.24 32.20 32.33 3.28 22.50
a 304.58 304.57 248.27 248.23 191.96 307.55
b 212.47 212.28 212.07 211.76 212.21 212.86

Specimen | F7 | S1 S2 S3 | RI | R2
B 200.0 200.0 200.0 200.0 200.0 200.0
D 450.0 450.0 450.0 450.0 450.0 450.0
b 99.87 101.34 100.24 90.00
d 250.93 301.43 250.63 299.62
t 6.03 6.66 8.99 4.48
le 5.73 6.34 5.74 6.04
deD 102.55 77.62 104.18 77.43
dgD 105.56 80.95 108.67 79.67
daD 34,0 325 32.5 34.0 38.5 38.5
dy2D 84.0 84.0 88.5 88.5
an 3.98 2.54 2.54 3.98 5.74 5.74
ars 2.54 2.54 5.74 5.74
ts 32.30 6.41 5.83 6.55 22.54 32.28
a 254.86 304.55 248.67 307.22 300.00 299.5
b 211.99 211.52 212.39 212.90 212.86 212.58

Unit: mm
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Fig. 13. Moment-axial force interactions.
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Fig. 13. Moment-axial force interactions (continued).
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4.3 Maximum Flexural Strength of the Cross Section — Method of Ulti-
mate Strength

As already described, this method assumes the linear variation of strains along the
axis perpendicular to the axis of bending. One condition is that at the ultimate
stage, the extreme fiber of the concrete in the compression side is subjected to (14
K) g,

a. M-N Interaction of Concrete

Interaction curve for concrete cross section is already given by Eq. (6) with an

independent variable £.
b. M-N Interactions of Steel Flanges and Main Reinforcing Bars
As indicated in Fig. 14, strains in two flanges of H-steel; ¢, and e;, are determined

. cke
; &

1

Fig. 14. Strains in flanges.

with a parameter £, taking two flanges as an ideal sandwich section. It is assumed
that compression and tension are positive for ¢; and «;, respectively. The axial force
N, (positive in compression) and bending moment M, carried by two flanges are
given by

NJ':b'tf'fo-y'(kC —ky)

1 ‘ C))
My=bety(~g-—dy Doy, G+ k)|
where

k—d, .. cfe
k /&y

ko=
(10)

-~ —

k= l—d,—k . cc
r k €y

s&, ¢ yleld strain of steel flanges (=,0,/E)
csq: ultimate concrete strain (=(14£)s,)
E: Young’s modulus of steel (=2.1x 103 t{cm?)
when the strains ¢; and/or ¢; exceed the vyield strain +,,, Eq. (10) is not valid.
Thus, the following limitation should be placed.

—1<k,<land —1<k,<1 (11)

In the case of the reinforcing bars, they can be treated as flanges of the ideal sand-
wich section. Therefore, the axial force ¥, (positive in compression) and bending
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moment M, for the reinforcing bars in the first (i=1) and the second (i=2) rows
can be readily computed from Egs. (9), (10) and (11), by replacing N,, M,, bt,,
70y 76, and d, by N, M., a.,, ,0,, ,&, 2nd d,,, respectively. ¢, is the yield
strain of the reinforcing bar, and is equal to ,s,,/E.

c. M-N Interaction of Steel Web.

The most complicated part in the method of ultimate strength is the computation
for the interaction between the axial force N,, (positive in compression) and bending
moment M, carried by steel web. Refering to the strain distribution in the web,
as shown in Fig. 15, only the results are presented here. Supposing that the compres-
sion is positive for ¢) and the tension is positive for e; and in addition that gep>,e,,
the following 6 cases are possible.

€
Tal 7773 :

W b ? I
S I .
__d.Zo L A

Fig. 15. Strain distribution in web.

Case 1: Both extreme fibers of the web yielding in tension.

N,=t,-(1=2d,)-D-,0,)

(12)
M,=0 J
under the condition, 0<k< _durose (13)
CEC+w5y

Case 2: Only the lower extreme fiber yielding in tension

N,=t, {—(1 _Zdw)+%(1 + k_kdw &Xk— d, +%k>}}-D-w% ]

wEy

-l i e s 2
Mw_Tz-zw<1+ g S (ki k)3 —da—2(14 2 i} D,
(14)

under the condition,

dy'ce <)< du'cte o (1—=dy)cec (15)
c&ctuty cEc — uby cte ¥ty

Case 3: Both extreme fibers remaining elastic

Ny=tocte.,  (=24)@k=D) pg l
’ [ (16)

€

1 ce 1-2d,)*
M, =t .¢w.LkL).Dz.wgy

w

e
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under the condition,

(1—~dy)cec <k< dycéc (17)
cEctuby c&c " wy

Case 4:  Only the upper extreme fiber yielding in compression

Nwztw-[l—zdw~%<l+w-ﬂ Ni-d

k wEy
(-
céc

(18)

L . M@M _wby }

M= gyt (LT = da— (125 b

{1-4d +2< Sy )k} p.,
c&¢
under the condition,

dy'cée o (L=dy)ctep o (A=dy)céc (19)

Csc_wey céc wa Cec_we_y

Case 5: The upper extreme fiber yielding in compression, and the lower extreme
fiber yielding in tension

Ny=t,(2k—1).,0,
=t Ak — 2*L<wey
My =ty {(k— )= =2

)z 2+ (1 —2k)(k - dw)}Dszy J (20)

under the condition,

dycEc <k< (1—dy)cec (21)
céc— wsy CEC+wa

Case 6: Both extreme fibers yielding in compression

Ny=t,(1-2d,)-D-,0, |

(22)
M,=0 {
under the condition
(—dy)ctc <k<1 (23)
cfc— wby

In the above equations, ,o, and e, is the yield stress and strain of web plate, res-
pectively.
d. M-N Iuteraction of the Total Cross Section

From preceding sections a, b and ¢, M-N interaction relation for the total cross
section is given by the summation
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N=Nc+N/+N,1+N,2+Nw |

(24)
M=M.+M,+M, +M,,+M, |

The results of computation for each specimen are shown by thick dashed lines in
Figs. 13 (a) to (1). Since Eq. (6) is only valid when 0<£< 1, the interaction relation
for the region 1 <k is given by a straight line connecting uniaxial loading case (point
Bin Fig. 13 (a)) and the point obtained under the condition, k=1 (point C ir Fig.
13 (2). Under the uniaxial loading, N, is obtained assuming that the strain ¢p*=
is uniformly distributed throughout the concrete cross section, where eP** is the
largest value among the yield strains of steel flange, web and the main reinforcing
bars. It may be possible that the ultimate strength is given by negative value of £,
when M is small, however, the computation is limited in the region where 0<k<I.

4.4 Maximum Flexural Strength Considering the Bond Failure — Method of
Ultimate Strength

The specimen R1 develops only 68%, of the maximum horizontal load carrying
capacity obtained from the maximum flexural strength of the column cross section.
From the observations on the failure process and the crack pattern, it is noted that
this strength reduction seen in specimen R1 is associated with the slip of the main
reinforcing bars which are subjected to very steep stress gradient in the panel zone.
It is considered that the bond failure occurs due to the insufficient bond length of the
bars inside the connection panel. In order to investigate the states of normal stress
in the bar and maximum bond stress in the panel zone, strain gauges are mounted
at 10 discrete points of the bars in specimen R2 which are going straight through the
panel zone. As shown in Fig. 7, 8 sets of 10 strain gauges are mounted on 4 reinforc-
ing bars.

Figure 16 shows the change of the state of strain distributed along a bar in the
first row. Each curve is drawn from the strain data at maximum load condition
in each cycle indicated in the figure. The strain distribution is nearly antisymmet-
rical about the center line of the connection panel, when the maximum load (10 tons)
is attained in 1/2 cycle of loading. After 2/2 cycle of loading, the tensile region of
the bar in the panel gradually increases, and the tensile strain is distributed throughout
the region of the bar inside the panel zone, at the maximum loads in 3/2 and 4/2 cycles
of loading. At these states, the normal stress transmission is considered to be lost
due to the bond failure. The strain distributions from the strain gauge data for the
bars in the first and the second rows at the maximum load in 3/2 cycle of loading are
shown in Figs. 17 (a) and (b), respectively. In Fig. 18, the mean values are plotted
which are deduced from the curves in Fig. 17.  The solid line is the strain distribution
for the bars in the first row, and the dashed line is for those in the second row. The
bond stress for the slipping reinforcing bars is computed from the stress gradient in
the panel zone, which is determined based on the strain gradient given by straight
dash-dotted line in Fig. 18. The so-determined bond stress ,z, is

»Tu=36.49 kg/cm? (25)

The tensile and compressive forces in a bar in the column under antisymmetrical
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Fig. 18. Strain gradient in reinforcing bars.

Fig. 19. Auxial forces acting on reinforcing bars.

bending and axial force, are considered to act at both edges of the panel zone, as shown
in Fig. 19. Defining these two forces to be T and C, the sum of 7" and C to be carried
by the maximum bond strength

Xzbru"/"lb (26>
where

i circumferential length of the bar
I,: bond length (=30 cm; width of the panel zone)
Thus, CI-T <X 27N

In the actual computation, assuming that 7 is identical with the tension force oc-
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curring in a bar in the tension side of the cross section, 7 (see Fig. 19), Eq. (27) is
considered in addition to Eq. (11). The results of computation for M-N interac-
tions of column cross sections of specimens R1 and R2 are shown by thin dashed lines
in Figs. 13 (k) and (1).

4.5 Maximum Shear Strength of the Connection Panel

T
pMsc—ﬂ\'é !
=N

| ] 1] : /E.\//PMS ]
]
)
U

=

Ty

PPMSC
f l“H

e

<

D
—_————l )
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Fig. 20. Moment distribution in beam and column.

Referring to Fig. 20, the bending moment in the beam at the face of the steel
flange, ,M,, when the maximum shear strength of the connection panel is attained,
is given by

ﬁM =

s

1 . .o
z_j—Ba(sfw'tp']B']C+Cru']B'JC) (28)
L
Where
«Tw cTy: MMaximum shear stresses of steel and concrete, respectively
JmJje: Center-to-center distances of two flanges of the beam and column,
respectively
B: mean value of widths of the beam and column
t,: thickness of steel panel plate
{: clear length of the column
a:l = leC/PMx
»M;: the column moment at the beam face
In Eq. (28), the first and the second terms in the parenthesis indicate the contributions
from steel and concrete to the maximum shear strength, respectively. The column
moment ,M,; converted from ,M, in Eq. (28) for each specimen is indicated by



106 M. WAKABAYASHI, T. NAKAMURA and S, MORINO
a vertical bar in Figs. 13 (a) to (I). The computation is carried based on
Tw = po-y/\jé

ctu=™ OSOFC

(29)

where L0, is the yield stress of the steel panel plate. The measured thickness of
the panel plate, ¢, of each specimen is given in Table 5.

5. Discussions and Conclusions

Theoretical maximum horizontal load carrying capacities of each specimen based
on the maximum flexural strength of the column cross section by the method of
superposition and on the maximum shear strength of the connection panel are
indicated in Figs. 8 and 9 by H, and H,,, respectively. Experimental maximum
horizontal load carrying capacities attained in the positive and negative loading are
converted to the column moment at the beam face, and plotted by the open and
solid circles, respectively in Figs. 13 (a) to (1).

In Table 6, the theoretical and experimental load carrying capacities are sum-
marized. Nomenclatures appearing in the table are as follows:

Table 6. Maximum Strength of specimen.

T

Specimen‘ Fl F2 F3 F4 1 F5 F6 1 F7 Sl S2 S3 R1 R2

Heonx 26.0 | 25.5 | 24.1 | 236 | 23.5 | 24.8 | 229 | 166 | 155 | 16.8 | 12.8 | 15.5
Howe | 253 | 246 | 235 | 23.0 | 23.3 | 23.6 | 22.4 | 158 | 14.1 | 16.0 | 12.8 | 14.4
My,. | 27.8]273] 258|253 | 251 | 265|245 17.8 | 16.6 | 180 | 153 | 18.7
M. 1270|263 | 25.1 | 246 | 249 | 253 | 239 | 16.7 | 15.1 | 17.1 | 15.3 | 17.3
T M 269 [ 2903 | 249 | 276 | 25.2 | 27.3 | 278 | 27.1 | 249 | 27.3 | 22.7 | 25.2
M}, 26.0 | 26.8 | 24.7 | 25.1 | 243 | 26.6 | 27.8 | 26.2 | 24.3 | 26.2 | 22.6 | 250
M2 t1.4 | 16.5
WMo 240 | 334 | 26.7 | 27.4 | 21.1 | 24.5 | 275 | 147 | 132 | 145 | 21.7 | 29.9
Hg 252 | 274 | 233 | 25.8 | 23.6 | 255 | 26.0 | 25.3 | 23.3 | 25.5 | 18.9 | 20.9
H 243 | 251 | 231 | 235 | 22.7 | 249 | 26.0 | 245 | 22.7 | 24.5 | 18.8 | 20.8
H! 9.5 | 13.7
Hy, 22.4 | 31.23] 25.0 | 25.3 | 19.7 | 22.9 | 25.7 | 13.7 | 124 | 135 | 18.0 | 24.9

Unit is ton and t:m for the load and bending moment, respectively.

Experimental strength:
H_...: maximum horizontal load in the positive loading
H:,.: maximum horizontal load in the negative loading
M. Mi,.,: the column moment at the beam face based on H,, and H%,,,
respectively
Theoretical strength:
M, maximum flexural strength of the column by the method of superposition
M4: maximum flexural strength of the column by the method of ultimate
strength
M?%: maximum flexural strength of the column by the method of ultimate
strength considering the bond failure
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»M,c: the column moment when the maximum shear strength of the connection
panel is attained
Hy Hi Hy, H,:: the horizontal load based on M, M4, M2 and ,M,,, res-
pectively

5.1 M-N Interaction

Two types of M—N interactions, based on the methods of superposition and ultimate
strength show reasonable agreement. At the two extreme cases, pure compression
and pure bending, discrepancy becomes large. The discrepancy in the pure com-
pressive strengths is considered due to the deference of the stress distribution assumed
in both methods. M-N interaction for H-steel section is accurately computed in the
method of ultimate strength, while that is approximated by a straight line in the
method of superposition (Eq. 7). This causes the discrepancy in the AN interac-
tions obtained by two methods for the total cross section around the region of pure
bending.

In general, at the level of the compression load 70 tons, the bending moments
given by both methods are nearly equal, and they fairly well estimate the maximum
horizontal load carrying capacities of specimens failing in the flexure of the column
cross section, except for specimens F7, R1 and R2, whose cases are discussed later.

When the axial load becomes 140 tons, discrepancy between two interactions
becomes large, and the flexural strength given by the method of ultimate strength
(shown by dashed line in each of Figs. 8 (b), (d), 9(b) and (d)) gives better estimation
to the experimental load carrying capacity.

In case of F7, the identical maximum horizontal load carrying capacity is obtained
both from the methods of superposition and ultimate strength. However, the ex-
perimental result shows quite large discrepancy with the theoretical one. Since the
theoretical result for the maximum strength of specimen F5, which has the smallest
depth of H-steel, shows good agreement with the experimental result, the discrepancy
seen in case of F7 cannot be considered to be caused only due to the large difference
between the depth of H-steel and the total depth of the cross section. It is considered
that the slip of the reinforcing bars causes the strength reduction, as seen in specimens
R1 and R2.

Based on the maximum bond stress given by Eq. (25), which is experimentally
detected, the maximum load carrying capacity is computed for specimen R2 in
section 4.4. Although some unrealistic assumptions are made, such as the constant
bond capacity (X in Eq. {27)) and non-compatibility of the strain in the bar, in which
the stress is limited by X, with the strain in concrete, the result of the computation
happens to be of a good agreement with the experimental result.  Assuming the ratio
of the maximum bond stress ,z, to the cylinder strength F is constant, the analysis
is also carried for specimen R1, and the result is shown by dashed line in Figs. 8 (k)
and 9 (k). In this case, the discrepancy between the theoretical and experimental
maximum load carrying capacities is very large. And thus, the refined analysis for
the bond strength is needed.
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5.2 Maximum Shear Strength of the Connection Panel

The maximum load carrying capacities computed from the maximum shear
strengths of the connection panel, which are described in Sect. 4.5, are based on the
maximum shear stress given in Eq. (29). The shear failing specimens, S1, S2 and
S3, exceed the corresponding theoretical maximum load carrying capacities. On
the other hand, for specimens F1, F5, F6 and F7, the maximum load carrying capaci-
ties based on the shear failure of the panel are much less than those computed from
the maximum flexural strength of the column. Since the theoretical maximum load
carrying capacities of those specimens are attained in the test, it cannot be directly
concluded that the shear failure occurs, although the yielding in the panel is quite
obvious. It is rather reasonable to conclude that the assumed maximum shear stress
is too conservative. In case of specimen F5, very small concrete volume assumed to
resist the shear in the analysis results in the low load carrying capacity.

Solid line in Fig. 21 is obtained by connecting the origin and maximum load points
in the first loading cycles at each displacement amplitude, for specimen S1. The
plateau of the dashed line gives the load converted from the contribution by the

Fig. 21. Horizontal load-displacement curve of Si.
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Fig. 22. Shear strength of concrete in connection panel.
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steel panel to the maximum shear strength. The elastic portion of the dashed line
is drawn by connecting the origin and the point at which the strain data of the rosette
gauges detected in the test begin to increase at a high rate. From the similar load-
displacement curves for specimen Fl, F6 and S3, the differences between the solid
and dashed lines are summarized in Figs. 22 (a) and (b). These curves are considered
to be the contributions from the concrete to the strength of the connection panel.
From these figures, it is observed that the contribution due to the concrete is larger
in the shear failing specimen than in the corresponding flexure failing one*9, and thus
it can be said that the connection panel of the flexure failing specimen has not yet
failed. The mean value of the maximum shear stress computed from the curves for
specimen S] and S3 in Fig. 22, is as follows; as the maximum value, .z, =0.649F,
and at the yielding of the steel plate, ;z,=0.541F,.

5.3 The Effect of Axial Force

The test results of specimens F2 and F4 show that the theoretical maximum load
carrying capacity can be attained even when the vertical load becomes large, since
the P-4 effect could be neglected at the column end at the beam face in the present
testing system. Itis already pointed that the experimental strength is lower than the
prediction by the method of superposition.

The effect of the large axial force appears in the strength deterioration due to the
repetition of the loading and the small deformation capacity. The tests are ter-
minated when it becomes impossible to keep the vertical load constant because of
the rapid increase of the out-of-plane deformation.

5.4 Effect of H-Steel Depth and Flexural Ratio

As long as the present test results are concerned, it seems that no problem is caused
when the depth of the H-steel section is reduced, the flexural ratio being kept to be
0.8. The maximum load carrying capacity can be well predicted by the correspond-
ing analysis to the failure mechanism. When the flexural ratio becomes 0.4, the
maximum flexural strength of column cross section can be developed as seen in the
test result of F6. However, that of F7 cannot be attained because of the shp of the
reinforcing bars. In case of the flexural ratio of 0, i.e., the ordinary reinforced con-
crete column, the problem of the slip of the reinforcing bars is already indicated.

The undesired deterioration of the strength and the energy dissipation capacity
are not observed from the test results. It should be pointed out that the method of
analysis for the maximum shear strength of the connection panel, presented in Sect.
4.5, cannot give a very good estimation to the real strength of the specimen, when the
depth of the H-steel section becomes very small, since the concrete volume enclosed
in flanges of the beam and column is assumed to resist to the shear in the analysis.

It seems that the combination of the small flexural ratio and small depth of H-
steel section may cause a problem. This implication is derived from the fact that

*9: In the large displacernent range, the curve for F1 exceeds that for S1, because of the strain-
hardening of steel. The steep unloading curve in specimen F6 is caused by the breakage of
the welded column end.
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of the discrepancy between the maximum experimental and theoretical load carrying
capacities of specimen F7 is quite similar to those of specimens R1 and R2, whose
flexural ratio is zero. The slip of the reinforcing bars may have also occurred in
specimen F7.

5.5 Conclusions

1. The maximum flexural strength of the steel reinforced concrete cross section
is well predicted by the method of superposition.

2. The prediction of the maximum shear strength of the connection panel largely
depends on the assumed value of the maximum shear stress and the size of the concrete
volume assumed to resist the shear.

3. When the ordinary reinforced concrete column is combined with the pure
steel concrete beam, the slip of the reinforcing bars causes the large strength reduction
and the deterioration of the energy dissipation capacity. The more refined analysis
based on the real stress transmission pattern in the connection panel is needed.

4. The specimen under large vertical load could sustain the theoretical maximum
load. However, the strength deterioration and the reduction of the deformation
capacity are critical, compared with the corresponding specimens under the smaller
vertical load.

5. The shape of the hysteresis loop of the specimens with steel reinforced column
is 2 typical spindle type. The hysteresis loop of the shear failing specimen in the
connection panel is slightly thinner than that of the flexure failing specimen in the
column. In case of specimen with ordinary reinforced concrete column, the energy
dissipation capacity is not much expected.

6. The share by the H-steel section to the flexural strength of the total cross
section can be partly replaced by the reinforcing bars, within the limitation of the
results of the present test series.
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