BASIC STUDY ON LONG-SPAN BRIDGE
MANAGEMENT SYSTEM
BY MEANS OF RELIABILITY ANALYSIS

Ikuo Yamada

January 20, 2005



Acknowledgement

I am deeply indebted to Professor Eiichi Watanabe, my Doctor adviser for his constant
encouragement, friendship and guidance throughout my research studies associated with the

reliability analysis in bridge engineering.

I would like to express my appreciation to Honorary Professor Yoshiji Niwa for his constant

concerns and suggestions about my research after graduation of Kyoto University in 1983.

Also, 1 would to like to express my appreciation to Professor Masaru Matsumoto and

Professor Hirokazu Iemura for their encouragement and advice.

Finally, I want to thank my wife Junko and two daughters Mariko and Minako for their

patience.



Contents
Chapter

1‘ Introduction ....................................................................................
1.1 OVCI’ViCW and Objectives ..................................................................

12 Organization Of the Study ..................................................................

2. Structural Reliability Analysis --ccc---ccesssssssssssssserrrrreeceseesseeessssssninririn
2.1 TrOQUGHOD  ++++++rersssressssnressssnresssseressssssssssssssssseessssressssssssssnrosess
2.2 Reliability Analysis  --------c--ssssseerrrrrceceeeeesssssssmmnrriiressssseeessssnnnerries
2.3 Systom Reliability Analysis «::sssrrceessssssseserreemseessssmmrmrmmseeesssniieneee

23,1 Material Modeling  «+-rceeeeessssssssnrrremseessssssmninienseeeessseesreseneee

232 System Modeling  +-------eesessssssessesmmrrerreecessesssessssssssssensssssceeneseeeee
2.4 Mote Carlo SHMUIAHON  «++----s+serrrsssseeessssressssreesssrrnsesssressssereenseons
2.5 Example of Analytical COmpUtation «++«««<++erceceeeeeeeesessssssssanmrerirrreee

26 Summary ....................................................................................

3. Time-dependence on Load and Strength  -----------c--ssssssssssserrrrrreresseeeeeeessssnnen
31 HMTOGUGHON  ++++rrves e eeesseresssesneesserreesssesnessssreessesnesss s
3.2 Increasing Model for Live Load  ---+++«ssssrreeeeesssssssssrreeeeeeessssnnisrieeeeee
3.3 Maximum Model for Wind Load - ---s-+-r--ssssreesssereessseresssssreesssrreeese
3.4 Aging Model Of Stoc] SIUCHUIGS  --rrrrses-ssesssssmrmrirrrreeeeesssseesessessasnessiiis
3.5 Aging Model of CONCrote SIUCHUIGs  -+-++<++++sssssssrrrrrrreeceeeessecessssssssnrrrris

3 i 6 Summary ....................................................................................

4. Reliability Analysis for Short-span Bridges with Time-dependence — -«--:xovooeereeeeeees
A1 TNErOAUCHION  «++ e rrrrrrermeeneen et e et et et e e e e e
4.2 Reliability Analysis for Beam of Steel Deck Plate with Time-dependence on Load

AN SHIENHR  #vvrrs s rrs s st sttt
4.3 Reliability Analysis for Simple Steel Girder with Time-dependence on Load

and Stren gth ....................................................................................



4.4 Reliability Analysis for Continuous Steel Girder with Time-dependence on Load

AN SEEENER <+ vrres s erre s oo 35
4.5 Reliability Analysis for Continuous Box Girder with Time-dependence on Load

AN SHIENH  +vvr s eers s 40

4.6 Reliability Analysis for Simple Reinforced Concrete Girder with Time-dependence

0N Load and Strength <+ ««e+ s rresssrrssmssrts ittt 44
A7 SUIMIMATY  +oeresssoesmssesssss st bbbt 48
5. Reliability Analysis for Long-span Bridges with Time-dependence = «-::xxoeeeeeeeeeees 49
5.1 INErOAUCHION  «++r#rrrrrrerrmreenmenea e e e ettt et et e s e e e 49
5.2 Reliability Analysis for Main Cable of Suspension Bridge —=«-=«rorrreerereereeeeees 51
5.2.1 Cable Protection System of Suspension Bridge —=«-:ccroreorrrerrrreeeeee 51
5.2.2 Reliability Analysis for Main Cable ++««+r+sseessmsrsssmmesaniiniii 55

5.3 Reliability Analysis for Suspender Rope of Suspension Bridge —«::croceoeeeerreeeees 57
5.3.1 Suspender Ropes of Suspension Bridge ««++-«w+sssrresrsrremmesnniini, 57
5.3.2 Reliability Analysis for Suspender Rope «««+++swesssssressmmremnnrenii, 63

5.4 Reliability Analysis for whole system of Suspension Bridge —«-::recooeeeeeeereeeees 66
5.4.1 Structural Modeling of Suspension Bridge «««««+++=sressessmrerssmniiseaii, 66
5.4.2 Reliability Analysis of Suspension Bridge «wwr+-werreesmmmeressnnssn, 74

5.5 SUIMMATY  ++wwesssnesssssmsssss st et e ittt 77
6. Structural Analysis for Long-span Bridges with Time-dependence  =««-xeeeveereeeeees 78
6.1 TIEFOAUCHION  #+ e+ rrrrrrrrmrrnsenmenees et et et et e e et e e 78
6.2 Cable-stayed bridges in Japan ««+-«we+sosressmrremmmrrsii i 78
6.2.1 Cables of Cable-stayed Bridges <+ ««w+-wrtsrsresmmmmmmenraii i, 78
6.2.2 Relative Stiffness Ratio of Cablesg: -+« ««-rrrrrrrrrmermmrmmmeriemnetartaiaiea.. 30

6.3 Field Measurements of Cable-stayed Bridges ««+++wwwrrressssrressmsmrrenniiin 80
B.3.1 SCOPE “#+++rssrrsssesssss sttt 0
6.3.2 KS BIridge ++vwrsssrrssmssessmssssssiits ittt 0

633 O Brldge ................................................................................. 83



6.4 Method of Structural Analysis for Cable-stayed Bridges —««-orooeoerrreeeeeeeeeees 83

6.4.1 Linear Visco-Elastic Model of Cables «+«+«tssrrrerrerrmumrmmmmamnreraiiiianaans 33
6.5 Formulation of Numerical Calculation for Cable-stayed Bridges —«---w-ocoeeeeeee 87
B.5.1 SCOPE “#+++#rrss s s s e s sss e 87
6.5.2 Formulation by Finite Element Method  ++«««+++sssssreessmmsresssniiienniii 87
6.5.3 Numerical Laplace Inverse Translation «+-++-oooeeeeeeeessesensmmiiiii 38
6.6 Numerical Illustration of Cable-stayed Bridges —«o:cocoorreererrreeeeneeene 90
6.6.1 KS BIidge -+wresserreesmsresssssess ittt 90
6.6.2 O BIidige «wwr+ss rrresssrseses sttt 91
6.7 Effects of Prestress and Relative Stiffness Ratio in Cable-stayed Bridges -=««:=-:--* 94
6.7.1 BETECtS OF PrEStIESS <« c v et rtrrrseresnerntenttnttnttantatent ettt 94
6.7.2 Effects of Relative StEfNess RAtio -+« -rr-rrrrrrrrrrmrmrmmrnmeieearareieiean 94
6.8 SUIMMATY  ++ #wws s s srssssssss st et ettt ettt 98
7. Bridge Management System by means of Reliability Analysis —=«-errorremereeeeeees 99
71 TAEFOAUCHION -+ -vrsrrrrrrmenseneen e e et et et et e e e et e e 99
7.2 Examples of Bridge Management SyStems ++««««r++s-sreesssmmsssessemiiieenn. 100
7.2.1 Bridge Management Systems in New York, USA  crorreerrrmerereeeeeieeeees 100
7.2.2 Bridge Management Systems in Germany -=-««eresssssssssssseesesssmnniin. 101
7.2.3 Study on Bridge Management Systems in Japan coroccoeererreeseeeeees 103
7.3 Current Maintenance System for Long-span Bridges —=«:occrereerrmerreeeeeeees 106
7.3.1 Inspection Method — «r«wweereerrrmresssesrrriiii i 106
732 Health Evaluation Method ««««rrrr-rerrrerrerrmmenmenemarieieieiiain 106
7.3.3 Deterioration Prediction Method — ««««-et-cerereemermemmemuetmeneneae e, 108
7.3.4 Repair/Reinforcement Plan Method —«r+++rewersssmsrsrsssmsmsesseniiiieen, 108
7.3.5 Current Bridge Maintenance SyStem  «+««««ssereesssssmssssserenssnnniiii, 108
7.4 Long-span Bridge Management System by Conventional Method ---«-e---- 109
7.4.1 INSPEction Problem ««eeerrreeesssrrrssmerrmiiiiiiii 109
742 Health Evaluation Problem  ««--«-rrr-rreererrmenmmmmmmmneertaieeeeaean. 109

7.4.3 Deterioration Prediction Problem  «-ccr-crereerermemmmeeemneinaan. 109



744 Repalr/Relnforcement Plan Problem ............................................. 101

7.3.5 Current Bridge Maintenance Problem  «««««r+ssssreressmsmmmssmmiiiiniii, 110
7.5 Proposal of Long-span Bridge Management System by Reliability Analysis -« 111
7.5.1 Proposal Of INSPECHion  ++++++++ssssssssssessnsssssnsiissiiit ittt 111
7.5.2 Proposal of Performance Bvaluation «+-+««r+s-sesssssrssmseeaniennii. 111
7.5.3 Proposal of Performance Prediction ««+--s««++ssreeesseessmmessniiiniiinn, 111
7.5.4 Proposal of Repair/Reinforcement Plan  «++-«wrssssseessssrrsemeemniinis, 111

7.6 Example of Long-span Bridge Management System by Reliability Analysis -+ 113
T7 SUIMMATY  coerresssssrsse s st 121
8. Summary, Conclusions and Recommendations «+«««==+=sssrrrsssmsmmersenniien. 122
8.1 SUMUTAIY fvrrsssrerrssssssssss sttt ettt ittt 122
8.0 CONCIUSIONS  *+ v v rrrrrrrrrrnsnmsenne ettt et e e et et e e e e ee e 123
8.3 Recommendations and Further Research  -««-«-rs-rssresrrmrrmmruermarineeaenanan. 124

References .......................................................................................... 125



Appendix

Appendix A Structural Members of Long-span Bridges —««:oorrroeeeeerererrseereeeeees

Appendix B The Akashl Kalkyo Brldge ...................................................



1. Introduction

1.1 Overview and Objectives

Long-span bridges, including suspension bridges, consist of various members and have a
high degree-of-freedom. Generally, safety factor is determined, considering the importance
and feature of each member on those bridges. For instance, the suspension bridge consists
of stiffening girder, main towers and main cables. Usually, the safety factors are 1.7 for
stiffening girder and main towers against the yield stress or buckling stress, and 2.5 for

main cables against the tensile stress, respectively.

In the maintenance for long-span bridges, the preventive maintenance works are carried
out, considering the importance of structures. For instance, repaint works for steel structures
and coating works for concrete structures are generally used. However, health on structural
members is conventionally evaluated by results of visual checks or coating inspections. In
this manner, health on overall system is not evaluated by a quantitative method nor

predicted.

Therefore, the aim of this study is to analyze the structural safety of the long-span bridges
by the reliability analysis, to evaluate the health the long-span bridges, and to examine the

preventive maintenance in consideration of the life-cycle cost.



1.2 Organization of the Study

Firstly, short-span bridges, which are geometrically linear systems, are calculated by
reliability analysis, considering the time-dependence on strength and load. Based on these
results, reliability indexes on representative members are obtained, and long-term safety are

evaluated for steel bridges with statically determinate structures.

Secondly, long-span bridges, which are geometrically nonlinear systems, are calculated by
reliability analysis, considering the time-dependence on strength and load. Based on these
results, the reliability indices on various members are obtained, and long-term safety are

evaluated for steel bridges with statically indeterminate structures.

Finally, the conventional bridge management system, which is identified with essential
maintenance, is replaced and a new bridge management system, which is identified with a
quantitative and preventive maintenance by reliability analysis, is proposed, based on the

results of long-term reliability analyses associated with the long-span bridges.



2. Structural Reliability Analysis

2.1 Introduction

Nature contains randomness and human knowledge involves uncertainty. In order to

overcome this difficulty, basic and advanced studies on reliability analysis have been

continued since the twenty century.

The Classical Reliability theory for structures was introduced by Freudental in 1940s, and

the Extended Reliability theory was introduced by A.H-S.Ang in 1960s. The Second Moment

method was proposed by C.A.Cornell in 1960s. Moreover, the Monte Carlo techniques and

Fuzzy Set theory were developed in 1980s. The history of structural reliability is shown in

Table 2.1.

In this chapter, basic techniques of structural reliability analysis are reviewed.

Table 2.1 History of structural reliability

Year | Establishment Random Vibration System Stochasticity
1940s | Probabilistic load and strength Freudental
1950s | Full-distribution theory Random  excitation  and
response
1960s | FOSM Methods (First Order | Stationary — Spatial variability of material
Second Moment Methods) Non-stationary; SDOF— properties and strength
MDOF
1970s | AFOSM Method Linear —Nonlinear Monte Carlo Techniques
(Advanced FOSM)
1980s | Randomness and Uncertainty; | Monte Carlo  Techniques; | Stochastic Finite Element
Fuzzy Set Theory; Human | System identification Analysis

Error; Risk Assessment
ANS158.1A-1982 PRA and

Margin Study




2.2 Reliability Analysis

In general, the reliability analysis, which is featured by the reliability index and the
probability of failure, can be given in the following process.

Expressing that S is the load on the structure and R is the resistance of the structure, the
probability of failure Pris given as the following equations. (Fig. 2.1)

P =P (S>R) =P (R/S<1)

— J'_Z gs(n)dn J"; REE)D & vovreemmms e 2.1)
= J-:) gS(n)FR(n)dn ............................................................ (2.2)
Or
P, = J.:fR(E)dE Jjgs(n)dn ............................................................ (2.3)
= Ij@ fREENI—GS(E)] dn  wrverrrreree e (2.4)

where, f  is the density function of resistance, Fy is the cumulative function of resistance,
g s is density function of load, Gg is cumulative density function of load.

The probability of safety P; or the probability of reliability P, is expressed as follows.

P, =P, =P (R/S=1)

:1—Pf ......................................................... (25)

A fr(E),gs(n) [ A

Load: S Resistance: R

Py
bl » ')( »
/ ” -
Pf g,n 0 KM M=R—S

Fig.2.1 Probability density function of load Fig.2.2 Relation between marginal

and resistance distribution M and reliability index [



The reliability index [ is expressed by using the marginal distribution M, which equal to
R—S, can be expressed as follows.(Fig. 2.2)

UM= B O M tereeeeeeseseiiiiiiiieiieiiiii et (26)
Or

B=1, (0 st =1,/ 8y ++errreerersmmmmmmnnnnniiniiiiiis 2.7)
where, [ is reliability index, u\ is average of marginal distribution, oy is standard
deviation of marginal distribution, and 0 y is coefficient of variation of marginal distribution.

Assuming that the resistance and load are independent and have the normal distributions,

the probability of failure is given by the Second Moment Method as follows.

1 = t?
Pf: R J. . exp(__)dt ............................................................ (28)
V2T i 2
The reliability is given as follows.
Pr: 1 _Pf
1 HR—ps e
- J'Jo,ezmz EXP(— )t ++veree e (2.9)
N2m 2

where, u g is the average of resistance R, 1 g is the average of load S, o ; is coefficient of
variation of resistance R, and o g is coefficient of variation of load S.

The central average vy ¢ can be expressed

e 1ok 5467 +6,6 %k,
Hs 1-6,’k,’

where, 0 g is coefficient of variation of resistance R, 0 g is coefficient of variation of load S,
and kyris ¢ '1(1 —Py).
Assuming that the resistance and load are independent and have the normal distributions,

the reliability index can be expressed as follows.

B = R S (2.11)

Ao R 405’

= —Vo-l ..................................................................... (212)

«Woﬁ R°+05s’



2.3 System Reliability Analysis
2.3.1 Material Modeling

The material behavior in structural engineering can be classified to a) elastic, b)
elastic-brittle, ¢) elastic-plastic, d) elastic-residual strength, e) elastic-hardening, f) curvilinear
(inelastic). In design for the structure, the steel members and the concrete members are usually
assumed to a) elastic, c¢) elastic-plastic or f) curvilinear.

In this paper, the small damages in each structural element, including the local yield or the
local buckling, are focused on, the material behavior is assumed to be an elastic model in the
structural reliability analysis.

2.3.2 System Modeling
(1) Series systems

In general, a statically determinate structure is a series system since the failure of any one
of its members implies the failure of the structure. Therefore, each member in the series
system is a possible failure mode. A typical example of series systems is a “chain,” which is
also called a “weakest link” system (Fig.2.3). The system failure probability for a weakest

link which is composed of m members is given by

Pi=P(F,UF,UF;U...UF,) = j---jfx(x)dx .................................... (2.13)

DeX

where F; (i=1,m) is each failure mode, X represents the vector of all basic random variables

and D is the domain in X defining failure of the system.

On the other hand, if the safe (or survival) region is denoted 13, the probability of survival

for a weakest link structure which is composed of m members is given by

77

R,

I
= - Ry A O

(a) chain (cable) (b) simple beam (girder)

Fig. 2.3 Examples of series systems



P, =P(F,NF,NFsN ... NFy) = I---Ifx(x)dx ....................................... (2.14)

>}

If Fri(r;) is the cumulative distribution function for strength of the i-th link, then the
cumulative distribution function for a chain as a whole system is given by
Fr@)=P(R=r)=1-PR>r)=1-PR; > NR, >, N  NR,>1y) e (2.15)

which becomes for independent strength properties
Fr(r) = PR=1) = 1-[1-Fry ()] 1-Fra(t)]. . [ 1-Frm(tm)] = 1- [ [[1-Fp ()] -+ (2.16)
i=1

(2) Parallel systems

The structural system, which has the elements in the system are so interconnected that the
limit state in any one or more elements does not necessarily mean the failure of the whole
system, is called a “parallel” or “redundant” system (Fig.2.4).

The system failure probability for a parallel system which is composed of » members is

given by

PfZP(FlﬂFsz3ﬂ...an)= IIfX(x)dx ....................................... (2.17)

DieX

The parallel system can fail only when all contributory elements have reached their limit
states, which means the characteristics of the system elements are considerable important to
define the “system failure.”

In a complicated parallel system, it is very difficult to evaluate the failure mode and the
probability of failure. Consequently, in this paper, the small damages in each element are

focused on , assuming an elastic model in the structural reliability analysis.

T 222740

(a) parallel members (suspender) (b) radial members (inclined cables)

Fig. 2. 4 Examples of parallel systems



2.4 Monte Carlo Simulation

One of the most effective calculation methods is the Monte Carlo analysis in order to
perform a statistical analysis of the uncertainty in structural engineering problems. It is often
helpful to use the Monte Carlo analysis as an experiment, which is performed by a computer
rather than by a laboratory

The fundamental step in the Monte Carlo analysis is to make a set of random numbers.
Today, these numbers can be mechanically or electronically generated by using digital
personal computers. Uniform random numbers have the property so that the generated
number equally occurs anywhere in the selected range of values (e.g., 0.0-1.0). These
random number can be used for any range of uniform probability density function (hereafter
referred to as PDF) if scaled properly. These random number can be transformed to any
distribution, including the normal distribution, the log-normal distribution, etc.

The uniform PDF is defined as follows. The general shape is shown in Fig.2.5.

p(x) =1/(b-a) a=x=b
=0 otherwise

The normal PDF is defined as follows, and is shown in the Fig.2.6.

2
1 I(x—pu
(x) =————exps—— e U 2.1
p o /—27[ p 2\ o, (2.19)

where ¢ isthe mean value, and o is the standard deviation.

P(x)

Px) ¢

1/(b-a) [

Fig.2.5 Uniform probability density function Fig.2.6 Normal probability density function



As an example of the Monte Carlo analysis, consider a simply supported beam shown in
Fig.2.7 with a concentrated loading at the midspan and a distributed loading at the full span.
From the fundamental knowledge of the structural engineering, the flexural stress at the
midspan of the beam can be given as follows.

o =PL/(4W) +qL2/(8W) ............................................................ (2.20)
where o : flexural stress at midspan of the beam
P: concentrated load (variable)
q: distributed load (constant)
L: length of beam

W: modulus of section

—q

L2 L2

A
_v
A
A\ 4

Fig. 2.7 Simply supported beam applied to a concentrated load at midspan

and distributed load at full span

Fig.2.8 shows the flowchart for the Monte Carlo analysis of simply supported beam with one
random variable. The Monte Carlo analysis involves the generation of one set of n random
numbers for each random parameter in the response equation. The response equation is then
solved by using each random number in the set. The response equation is solved n times,
whichever the response equation is linear or nonlinear with respect to the variables. Finally,
these values of response are analyzed by using the techniques, including histograms and

sample statistics.



Step 1 Set i =0

A 4

Set the number of random numbers
Step 2
to be generated, n
y
»  Seti=i+] Step 3
Step 4 l Step 5
Generate a random numbers with Store Pi
prescribed PDF. Set random number » value
equal to Pi
Step 6 l Step 7
Calculate flexural stress, oi Store o i
0 i=PiL/(4W) +qL*/(8W) > value
isi=n? Step 8
y
Recall all Pi and o i values and
Step 9

calculate sample statistics and plot

histograms

Fig. 2.8 Flowchart for the Monte Carlo analysis of simply supported beam with one

random variable
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2.5 Example of Analytical Computation
By using the same structural model as Fig.2.7 and the same techniques as Fig. 2.8, the

reliability analysis can be performed. The example of analytical computation is shown in

Fig. 2.9-2.12.
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Fig. 2.9 Generated live load by Monte Carlo simulation
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Fig. 2.10 Calculated flexural stress of beam by Monte Carlo simulation
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Fig. 2.12 Calculated marginal stress of beam by Monte Carlo simulation
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2.6 Summary
The basic theory of reliability analysis was reviewed in this chapter. Especially, the Monte
Carlo techniques is very convenient for reliability analysis even if the function has a
complicated distribution, since the computer easily generates a lot of random numbers.
This technique can be used in the reliability analysis for various bridges, including the

long-span bridges.

13



3. Time-dependence on Load and Strength

3.1 Introduction

In Japan, design loads are classified dead load, live load, impact, effect of thermal change,
effect of earthquake and wind force in the Design Specification for Highway Bridges, which is
hereafter referred to as “DSHB.”

In this chapter, the live load and the wind force are considered to be variable in time. On the
other hand, steel structures and concrete structures are considered to be variable in time

because of material deterioration.

3.2 Increasing Model for Live Load

The live load is mainly discussed since the live load is one of the most influent to
superstructure of bridges and one of the most variable when time passes.

There is little data for traffic conditions on the Honshu-Shikoku Highways between Honshu
Island and Shikoku Island in Japan. The first traffic investigation was carried out on the
Seto-Ohashi Bridges for a weekday and a weekend in 1990, two years after completion of
these bridges. All vehicles are classified to 22 vehicles. As the primary classification, the
traffic volumes on the investigation days were 60 passenger cars (2.1%), 177 small trucks
(6.3%), 1922 ordinary trucks (68.5%), 225 large trucks (8.0%), and 423 buses (15.1%).

Especially, the axis distributions and the vehicle weight distributions of the ordinary trucks
are shown in Table 3.1 and 3.2, respectively. The ordinary trucks are secondarily classified to
9 trucks according to the number plates and the axis number. In the ordinary trucks, the middle
class 3 (total weight of 8-20 tons, with 3 axes) was selected as the representative vehicle
because it has a significant number of data, the maximum average of axis weight and the
maximum average/standard deviation of total weight. The weight distribution of the middle
truck 3 is shown in Fig.3.1. The weight distribution is similar to the normal distribution, which
has the average of 16.4 tons, standard deviation of 4.2 tons, and the coefficient of variation of
0.25.

In 1994, the DSHB was revised and the design live load was changed in order to take

countermeasure against the enlargement of vehicles and to enhance the durability of bridges.

14



Currently, the live load B, which constitutes of the load T for decks and the load L for girders,
is applied to the first class bridges on national highways.

Fig.3.2 shows the change of the design live load for the first class bridges, which is
specified in the DSHB from 1926 to 2002. According to the social and economical
development of Japan, the design live load for highway bridges has increased and expected to
increase in future. Therefore, the long-term change of the live load is one of the most
important issues for maintenance of highway bridges. In this paper, the long-term change is

referred to as “time-dependent load.”

Table 3.1 Axis distributions of ordinary trucks on the Seto-Ohashi Bridges in 1990

(Unit: ton)
No. Vehicle Type Axis | Data | Average |S. Deviation] Minimum | Maximum
9[Ordinary Truck (small 2) 2 1238 3.01 1.381 1.0 12.2
10{Ordinary Truck (small 3) 3 90 4.86 1.794 1.8 11.1
11]|Ordinary Truck (small 4) 4 24 3.33 0.850 2.2 52
12|Ordinary Truck (middle 2) 2 170 4.02 1.838 1.2 124
13| Ordinary truck (middle 3) 3 2973 5.45 2.049 1.0 15.9
14|Ordinarry truck (middle 4) 4 672 4.20 1.501 1.0 12.4
15|Ordinarry truck (middle 5) 5 0 0.00 0.000 0.0 0.0
16| Ordinarry truck (large 4) 4 80 451 2.164 1.4 11.6
17|Ordinary truck (large 5) 5 15 4.07 0.647 3.3 55

Table 3.2 Weight distributions of ordinary trucks on the Seto-Ohashi Bridges in 1990

(Unit: ton)
No. Vehicle Type Axis | Data | Average |S. Deviation| Minimum | Maximum
9|Ordinary Truck (small 2) 2 619 6.01 2.265 20 15.8
10| Ordinary Truck (small 3) 3 30 1457 3.885 70 24.1
11|Ordinary Truck (small 4) 4 6 13.33 2.273 10.3 16.1
12| Ordinary Truck (middle 2) 2 85 8.05 2.900 2.8 17.7
13|Ordinary truck (middle 3) 3 991 16.35 4.136 6.8 315
14|Ordinarry truck (middle 4) 4 168 16.81 4.363 1.7 34.8
15|Ordinarry truck (middle 5) 5 0 0.00 0.000 0.0 0.0
16| Ordinarry truck (large 4) 4 20 18.03 7.231 74 375
17]|Ordinary truck (large 5) 5 3 20.33 0.544 19.6 20.9
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3.3 Maximum Model for Wind Load

For the long-span bridges, the wind load is one of the most influent loads for the
superstructure. According to the wind proof design standard of Honshu-Shikoku Bridge
Authority, the static design wind load for the main cable and stiffening girder in suspension

bridge are given as follows.
1 2
P, = EPCDV4 (VU1 ) A, weeeeessee e (3.1)

where Pp is design wind load, o is air density, Cp is drag coefficient, v 4 is correction
factor due to the gust effect, v | is correction factor due to the elevation of the structure, v ,
is correction factor due to the special wind variation of the structure, V', is basic wind velocity,
and 4, is projection area.

The basic wind velocity Vjy is expected value of ten-minute mean wind velocity for
150-year return period at the elevation of ten meters above sea level. For instance, the basic
wind velocity for the Akashi Kaikyo Bridge is 43 meters in original standard in 1976, and 46
meters in current standard 1990. The basic wind velocity for the Ohnaruto Bridge is 50 meters.
Fig.3.3 shows the flowchart of wind resistance design for long-span bridges

The static design wind load in Eq. (3.1) is associated with many uncertainties. The maxim
wind velocity can be determined by using the extreme type I distribution as follows.

(D(l)(Vw):anp[_a(Vm —u)—exp{—a(Vw _u)}] .................................... (3.2)
where u 1S 1 vio -0.455005 0 vip, « 1S 1.28255/0 vig, 1 vio 18 mean of Vo, and o vy 18
standard deviation of V.

For the uncertainty in the basic wind velocity, the maxim wind velocity can be calculated by

Eq. (3.2) with regard to the basic wind velocity for more than 150-year return period.
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Fig.3.3 Flowchart of wind resistance design for long-span bridges
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3.4 Aging Model of Steel Structures

The yield stress distribution and tensile strength distribution of SM490 as the representative
material for steel bridges are shown in Fig.3.4 and Fig.3.5, respectively. The yield stress is
similar to the normal distribution with the average of 420 MPa, the standard deviation of 20.6
MPa, and the coefficient of variation of 0.049. The tensile strength is similar to the normal
distribution with the average of 554MPa (N/mm?), the standard deviation of 12.4 MPa, and the
coefficient of variation of 0.022.

In general, the surrounding conditions are more severe onshore than offshore,
high-durability coating systems are applied to the onshore steel bridges. For example, phthalic
resin and polyurethane resin are used for the offshore bridges, and chlorinated rubber paint,
polyurethane paint, and fluoropolimer paint are used for onshore steel bridges on the Honshu-
Shikoku Highways.

The periodical coating observation at fixed points, which is applied to onshore steel bridge,
is shown in Fig.3.6. The thickness of polyurethane resin paint due to the ultraviolet rays
decreases at the average of 7 -10 u m/year in the sunshine, the average of 5 1 m/year in the
sunshade. The required thickness of surface coat is more than 30 x m, and that of middle coat
is also more than 30 u m. If the surrounding condition is very severe, the surface coat and the
middle coat will disappear in approximately ten years. Since the epoxy resin is applied to the
lower coat, which has a low durability, the deterioration progresses rapidly in the whole
coating system.

On the Honshu-Shikoku Highways, all steel bridges are appropriately maintained, including
repair coating and overall recoating. For example, the onshore steel bridges are overall
repainted before disappearing the middle coating for the preventive maintenance.

However, in real steel bridges, the thickness of coating system reduces uncertainly and
corrosions may occur at joint parts or lower flanges of girders. Fig.3.7 shows the deteriorating
curve for coating and corrosion, considering the thickness variation of total coating system.
After loss of the surface coat and the middle coat, the lower coat rapidly degreases. In this

thesis, the long-term change is referred to as “time-dependent strength.”
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3.5 Aging Model of Concrete Structures

In general, the aging model for concrete structures is described in Fig.3.8. There are four
periods in the concrete deterioration model, e.g., 1) un-progressing period, 2) progressing
period, 3) accelerating period, and 4) deteriorating period.

Many scholars and engineers have been studied various damages of concrete structures in
various surrounding conditions. Especially, the saline damage and the carbonation of
concrete structures have many examples.

For the saline damage, the saline element per unit concrete volume is measured in the
concrete structure. For the carbonation of concrete, the carbonated depth is measured in the
concrete structure. Since the prediction methods for these damages are also studied, these
damages can be easily predicted.

Example of saline damage and carbonation are shown in Fig.3.9 and 3.10, respectively.
Based on these data of concrete structures, the aging model for concrete structure can be
obtained.

In a severe surrounding condition, including the coastal area, the saline damage and the

carbonation of concrete structures are difficult problems in maintenance.

0 T 1.:1\T LST 1.8T Year
y w 7
I . Un-progressing Period
H<' Progressing Period e
I]I%r: : Accelerating Period T o
IV Deteriorating Period
Deter‘ioration Rating

Fig.3.8 Aging model for concrete structures in case of saline damage

22



‘Saline elements (kg/m3)

20 — -—— —pp—— —+— North Ul
Girder of KU Bridge ~—#-— North U2
18 il —&— North U3
ia ‘1] —#— North U4
18 “ { | . NorthLl
North L2
14 \\\( Current / After 20(]. years : North 13
12 PO T ' «  North L4
| \\ / 1y / Steel bars ——
10 | \:“ \\ : )l' Pl e o+
08 A ‘\\-. \\ l -—as g
[ 'y A\ 5 | | —— 1sca
06 —> .L._ A\ '5‘1.“ e 200 yrs
04 + '\ o " ‘ \-,__\\\-N Steel bars
- I N ' ) = = Sb+go
02 + rt cei. Sb—o
[ i |
ol '
00
0 20 a0 60 80 100
Depth from surface (mm)
Fig.3.9 Example of saline damage and prediction
Carbonation Depth (mm)
50 T
' . . LIS o &
) Girder of KU Bridge b et oo
L |
40 2 R T
| : / Current After 200 years | Current
Limit
30 : !
' L o Limit+ o
R / Carbonation limit
Limit- o
90 — - ——— e ————— 5

100

150

Bridge Age (years)

Fig.3.10 Example of carbonation damage and prediction

23




3.6 Summary

The conclusions in this chapter are summarized as follows.

D

2)

3)

4)

5)

Based on the traffic investigation, the increasing model for live load can be obtained,
assuming the variation of live load as well as the increase of the design live load.

The maximum model for wind load can be obtained, assuming the variation of design
wind velocity as well as the maximum wind velocity, which is determined by the extreme
type I distribution.

Aging model of steel structures can be obtained, assuming the variation of steel strength,
the decrease of coating and the increase of corrosion.

Aging model of concrete structures can be obtained from the many accumulated data in
maintenance.

The above-mentioned model can be used for reliability analysis considering the

time-dependent load and strength.
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4. Reliability Analysis for Short-span Bridges with Time-dependence

4.1 Introduction

Generally, the coating is applied to steel structures in order to protect the corrosion. In a
severe surrounding condition, a high-durability coating is applied to steel structures. However,
deterioration of coating is inevitable, which yields to a partial corrosion and a sectional loss, if
the repair coating or the overall recoating would not be appropriately carried out.

On the other hand, traffic volumes have increased and traffic vehicles have enlarged
according to the economic growth of Japan. In load conditions for steel bridges, the live load
has increased and is expected to increase in future.

Therefore, the increasing live load and the decreasing steel strength are considered to have
the property of time dependence. The reliability analyses for various types of bridges were
carried out by using the Monte Carlo Simulation, considering the various data of loads and
strengths, and several comments of reliability for these bridges were made.

The procedure of the reliability analysis, considering the time dependence of load and
strength, is shown in Fig. 4.1. In the first stage, data for the time dependence of load and

strength are reviewed. In the second stage, the reliability analyses are carried out.

Time-dependent load (long-term change of live load)

l

Time-dependent strength (long-term change of steel corrosion)

Reliability analysis for steel bridges in initial condition of load and strength

l

Reliability analysis for steel bridges in variable condition of load and strength

End

Fig. 4.1 Flowchart of reliability analysis for steel bridges considering time-dependence
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4.2 Reliability Analysis for Beam of Steel Deck Plate with Time-dependence on Load and
Strength

In order to reduce to the dead load, orthotropic steel decks are selected for of long-span
bridges in the Honshu-Shikoku highways. The high durability coating system, in which the
total coating is 250 u m in thickness, is used for these bridges, however, the overall recoating
is carried out in some long-span bridges because of severe surrounding conditions on straits.

In this section, the stress check for the lower flange of longitudinal girder of orthotropic
steel deck, where much salty splash reaches and does not washed by rain water. And the
safety check was carried out by the reliability analysis.

The cross-section of orthotropic steel deck is depicted in Fig. 4.2. The longitudinal girder
has a span of 10 meters and is laterally arranged with an interval of 3.5 meters. Actually, the
longitudinal girder is a continuous structure in several spans, but is assumed to be simplely
supported for a safe assumption.

Firstly, dead load, live load and impact were considered for the allowable stress check. As
the live load, a wheel load of 100 kN, which is equal to a half of the load T for design live
load B defined in the current DSHB, is applied right on the longitudinal girder. The impact
is assumed to be 0.333 for a steel bridge with a span of 10 meters according to the current
DSHB. The bending stresses due to these loads were calculated at a quarter and a half of the
span.

Considering the reduction of sectional performance, the result of bending stresses is shown
in Table 4.1 on the above-mentioned conditions. The five cases are calculated with the
variable thickness of lower flange, which are Casel (design thickness of 13 mm), Case2 (9
mm), Case3 (6 mm), Case4 (3 mm), and Case5 (0 mm), respectively. The bending stresses of
almost cases at the quarter and the half of the span are less than 140 MPa for the allowable
standard of SS400, excluding the Case 5 at the half of the span. In this calculation, the
torsional deformation and the local buckling are negligible, and no fatigue damage assumed to
occur.

Secondly, the live load has a large coefficient of variation, and also has a long-term increase.
Therefore, the reliability analysis was carried out by the Monte Carlo Simulation, considering

the time-dependent load and strength. The dead loads of the orthotropic steel deck as well as
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the pavement were considered. Based on the traffic investigation on the Seto-Ohashi Bridges
in 1990, the ordinary truck classified in the middle class 3 (total weight of 8-20 tons, with 3
axes) was selected as the representative vehicle. The wheel weight distribution of the middle
truck 3 is assumed to be the following normal distribution. One is Live Load 1 (the average
of 82kN, the standard deviation of 21kN, and the coefficient of variation of 0.25), based on the
traffic investigation, and the other is Live Load 2 (the average of 100kN, the standard
deviation of 25kN, and the coefficient of variation of 0.25), based on the current DSHB. The
impact is assumed to be 0.333 according to the current DSHB. On the other hand, the yield
stress is assumed to have an average of 235 MPa for the yield standard of SS400 and the
coefficient of variation of 0.25 according the construction results.

The results of the reliability analyses are shown in Fig. 4.4 and 4.5. The calculation cases
are the same as Table 4.1. The trail number is 10,000 for simple calculation. In Fig. 4.4, the
reliability index at the quarter of span is always more than 4.2 against the Live Load 1 and the
Live Load 2. On the other hand, the reliability index at the half of span is 3.4 in Case 5
against the Live Load 1, and the reliability index is 2.3 in Case 5 against Live Load 2. In Fig.
4.5, the probability of failure at the quarter and the half of span are less than 0.0001 in Case 1
to 4, but the probability of failure at the half of span is 0.0004 against the Live Load 1 in Case
5 and 0.0124 against the Live Load 2 in Case 5.

Consequently, the reliability index is large and the safety was checked in Case 1 to 4. The
reliability index is low in Case 5, however, there is no need to consider in a usual maintenance.
Based the results of reliability analysis, considering the reducing sectional performance and
the increasing live load, the safety of the orthotropic steel deck was checked without a large

sectional loss at the lower flange of the longitudinal girder.
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Table 4.1 Stress Check at lower flange of longitudinal girder

Thichness|Crosssect|Sectional |Bending Bendi
. ending |Allowable
c of lower |ional area |modulus |stress at a t ¢ t

ase flange of girder |of girder |quarter E rlgs(:/l; ? (SMrSS§

(mm) (cm2)  |(cm3)  [(MPa) @ @ 2
1 13 353 5464 57 12 140
2 9 343 4540 69 86 140
3 6 335 3858 81 101 140
4 3 327 3175 98 122 140
5 0 320 2486 125 156 140
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4.3 Reliability Analysis for Simply Supported Steel Girder with Time-dependence on
Load and Strength

The reliability analysis with time-dependent load and strength was carried out for the
simple steel bridge with I-shape girders and a reinforced concrete slab. The side view of the
simple steel girder is shown in Fig. 4.6. The span length is 40 meters, and the width is 18.25
meters with 6 girders for 4 lanes. The structural model is shown in Fig. 4.7.

The lower flange of the outside I-shape girder is easy to reduce coating and have corrosion
due to sunshine. In the reliability analysis with the time-dependent strength, the corrosion and
the reduction of thickness were assumed at the lower flange of I-shape girder in the center of
the span. Table 4.2 shows the four analytical cases with thickness variation of lower flange,
which are Case 1 (design thickness), Case 2 (90% thickness), Case 3 (80% thickness), and
Case 4 (70% thickness), respectively.

On the other hand, dead load, live load and impact were considered. In the reliability
analysis with the time-dependent load, three analytical cases are calculated with the variation
of live load and impact. The three cases of live loads are Live Load 1 (above-mentioned
weight distribution with average of 16.4tons), Live Load 2 (current DSHB with average of
20.0tons), and Live Load 3 (25%-increace DSHB with average of 25.0tons), respectively. The
coefficient of variation was assumed to 0.25, based on the result of traffic investigation in
1990.

The results of reliability analyses by means of the Monte Carlo Simulation, considering the
time-dependent load and strength, are shown in Fig. 4.8. The trial number is 10,000 for simple
calculation. In this analysis, the failure is assumed to the yield stress of the lower flange with
reduced thickness, which is identified with the limit state of serviceability. The yield stress is
assumed to have the normal distribution with the actual average of 420MPa(N/mm?) for
SM490 steels and the coefficient of variation of 0.05.

The results are summarized as follows.

a) In case of Live Load 1, which is equal to the investigated weight distribution, the
reliability index is 7.45 in Case 1 (design thickness), and 4.68 in Case 4 (70% thickness).
b) In case of Live Load 2, which is identified with SHD, the reliability index is 6.27 in Case 1,

and 3.77 in Case 4.
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¢) In case of Live Load 3, which is increased by 25% of DSHB, the reliability index is 5.00 in
Case 1, and 2.67 in Case 4. The failure probability is 0.0032 in Case 4.

d) On the other hand, when the reliability index equal to 4.0, the thickness is less than 70% in
Live Load 1, 77% in Live Load 2, and 84% in Live Load 3.

In addition, Fig. 4.9 and 4.10 show the results of reliability analyses at the center of girder
(x=L/2), and at the quarter of the girder (x=L/4), by means of the Monte Carlo Simulation,
considering the increasing load and the decreasing strength without repair. In this analysis, the
load is assumed to increase as same as the similar curve in Fig. 3.2 from the above-mentioned
weight distribution with average of 16.4 tons in 1990. Meanwhile, the strength is assumed to
decrease as same as the deteriorating curve for coating and corrosion in Fig. 3.7. The bridge
was completed in 1985, and is now 20 years old in 2005. After 40 years old, the reliability
index would decrease gradually according to the thickness reduction of lower flange if the

appropriate maintenance is not carried out.
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Table 4.2 Analytical case for simple steel girder

Case Thickness of Sectional area Vertical section
lower flange (per girder) modulus (per girder)
mm Ratio cm?2 Ratio cm3 Ratio
Case 1 22.0 1.000 439 1.000 37,506 1.000
Case 2 19.8 0.900 423 0.964 34,639 0.924
Case 3 17.6 0.800 408 0.929 31,899 0.851
Case 4 15.4 0.700 392 0.893 29,295 0.781
8.0 0.010
70 | .\\ Y-
4 0.008 -
Q 60 A v
S 50 \‘\\‘\ =
O . \‘\\: 4 0.006
— Y
E 40 g
3 30 1 0004 =
5 T 2
@ 20 .' S
4 0.002 &
1.0
0.0 B < B < . A 0.000
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Fig. 4.8 Reliability analysis for simple steel girder at x=L/2 in each case

33




10.0

e <
o o o o o

Reliability Index f3

o
> »
o o

|
I
o

Bridge Age (year)
--0-- y+20 —e—pu+o —e—y
—— -0 --0-- p—20

Fig. 4.9 Reliability Analysis for simple steel girder at x=L/2,

considering time-dependence

12.0
10.0
8.0
6.0
4.0

Reliability Index B

2.0
0.0

-2.0

Bridge Age (year)

=-0-- u+20 —&—yuy+o —e—y
——y—0 --9%-- u—20

Fig. 4.10 Reliability Analysis for simple steel girder at x=L/4,

considering time-dependence




4.4 Reliability Analysis for Continuous Steel Girder with Time-dependence on Load and
Strength

The reliability analysis with time-dependent load and strength was carried out for a
three-span continuous steel bridge with I-shape girders and a reinforced concrete slab. The
side view of the three-span continuous steel girder is shown in Fig. 4.11. The total bridge
length is 150 meters. The each span length is 50 meters, and the width is 18.25 meters with 6
girders for 4 lanes. The structural model is shown in Fig. 4.12. The cross section of the
girder is assumed to be one of most representatives in the real bridge.

As same as the simple steel bridge, the lower flange of the outside I-shape girder in the
three-span continuous steel bridge is easy to reduce coating and have corrosion due to
sunshine. In the reliability analysis with the time-dependent strength, the corrosion and the
reduction of thickness were assumed at the lower flange of the girder in the center of the side
span. Table 4.3 shows the four analytical cases only with thickness variation of lower flange,
which are Case 1 (design thickness), Case 2 (90% thickness), Case 3 (80% thickness), Case 4
(70% thickness), respectively.

As same as the simple steel girder, in the reliability analysis with the time-dependent load,
the three analytical cases with the variation of live load and impact. The three kinds of live
loads are Live Load 1 (above-mentioned weight distribution with average: 16.4tons), Live
Load 2 (current DSHB with average 20.0tons), and Live Load 3 (25%-increace DSHB with
average 25.0tons), respectively. Coefficient of variation was assumed to 0.25.

The results of reliability analysis by means of the Monte Carlo Simulation, considering the
time-dependent load and strength, are shown in Fig. 4.13. The trial number is 10,000. The
failure is assumed to the yield stress of lower flange with reduced thickness. The yield stress is
assumed to have the normal distribution with the actual average of 420 MPa(N/mm?2) for
SM490 steels and the coefficient of variation of 0.05.

The results are summarized as follows.

a) In case of Live Load 1, which is equal to the investigated weight distribution, the
reliability index is 7.02 in Case 1 (design thickness), and 5.31 in Case 4 (70% thickness).
b) In case of Live Load 2, which is identified with SHD, the reliability index is 6.10 in Case 1,

and 4.35 in Case 4 .
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¢) In case of Live Load 3, which is increased by 25% of DSHB, the reliability index 4.78 in
Case 1, 3.14 in Case 4 . The probability of failure is 0.0010 in Case 4.

d) On the other hand, when the reliability index equal to 4.0, the thickness is less than 70% in
Live Load 1 and 2, and 85% in Live Load 3.

In addition, Fig. 4.14 and 4.15 show the results of reliability analyses at the center of side
span (x=L/6) and at the center of the center span (x=L/2), respectively, by means of the Monte
Carlo Simulation, considering the increasing load and the decreasing strength. The conditions
of load and strength are as same as the simple steel bridge. The bridge was also completed in
1985, and is 20 years old in 2005. After 40 years old, the reliability index would decrease
gradually according to the thickness reduction of lower flange if the appropriate maintenance

is not carried out.
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Table 4.3 Analytical case for three-span continuous steel bridge with I-shape girders

Case Thickness of Sectional area Vertical section
lower flange (per girder) modulus (per girder)
mm Ratio cm2 Ratio cm3 Ratio
Case 1 22.0 1.000 453 1.000 37,415 1.000
Case 2 19.8 0.900 445 0.982 35,630 0.952
Case 3 17.6 0.800 437 0.965 33,909 0.906
Case 4 15.4 0.700 428 0.945 32,253 0.862
8.0 0.010
70 F
-1 0.008 o
@ 6.0 .
%50 | E
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Fig. 4.13 Reliability analysis for three-span continuous steel bridge with

I-shape girders at x=L/6 in each case
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4.5 Reliability Analysis for Continuous Box Girder with Time-dependence on Load and
Strength

The reliability analysis with time-dependent load and strength was carried out for a
three-span continuous steel bridge with a box girder and an orthotropic steel deck. The side
view of the three-span continuous steel bridge with a box girder is shown in Fig. 4.16. The
total bridge length is 300 meters. The each span length is 100 meters, and the width is 18.25
meters with 6 girders for 4 lanes. The structural model is shown in Fig. 4.17. The cross
section of the girder is assumed to be one of most representatives in the real bridge.

As same as the simple steel bridge with I-shape girder, the lower flange of the three-span
continuous steel bridge with the box girder is influenced by sunshine, coating reduces and
corrosion occurs. In the reliability analysis with the time-dependent strength, the corrosion
and the reduction of thickness were assumed at the lower flange of the box girder in the center
of the side span. Table 4.4 shows the four analytical cases only with thickness variation of
lower flange, which are Casel (design thickness), Case 2 (90% thickness), Case 3 (80%
thickness), Case 4 (70% thickness), respectively.

As same as the simple steel girder, in the reliability analysis with the time-dependent load,
the three analytical cases with the variation of live load and impact. The three kinds of live
loads are Live Load 1 (above-mentioned weight distribution with average: 16.4tons), Live
Load 2(current DSHB with average 20.0tons), and Live Load 3 (25%-increace DSHB with
average 25.0tons), respectively. Coefficient of variation was assumed to 0.25. However, this
bridge has a relatively long span and little influence by live load, and double of the live load
was applied as a tandem live load in each case.

The results of reliability analysis by means of the Monte Carlo Simulation, considering the
time-dependent load and strength, are shown in Fig. 4.18. The failure is assumed to the yield
stress of lower flange with reduced thickness. The yield stress is assumed to have the normal
distribution with the actual average of 420 MPa (N/mm2) for SM490 steels and the coefficient
of variation of 0.05.

The results are summarized as follows.

a) In case of Live Load 1, which is equal to the investigated weight distribution, the

reliability index is 10.7 in Case 1 (design thickness), and 8.3 in Case 4 (70% thickness).
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b) In case of Live Load 2, which is identified with SHD, the reliability index is 9.8 in Case 1,
and 7.5 in Case 4.

¢) In case of Live Load 3, which is increased by 25% of DSHB, the reliability index 8.8 in
Case 1, and 6.3 in Case 4.

d) In all cases, the reliability index is more than 6.0 and the probability of failure is less than
0.0001. Because this bridge has a high performance in the sectional modulus, the corrosion

proceeding and sectional reduction in the lower flange does not influence the over-stress.
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Fig. 4.17 Structural model for three-span continuous box girder

42




Table 4.4 Analytical cases for three-span continuous box girder

—@— [ (Live Load 1)
- - © - Pf(Live Load 1)

—a&— f3 (Live Load 2)
- A- - 'Pf(Live Load 2)

Case Thickness of Sectional area Vertical section
lower flange (per 1 box) modulus (per 1 box)
mm Ratio cm?2 Ratio cm3 Ratio
Casel 18.0 1.000 7,121 | 1.000 457,242 1.000
Case? 16.2 0.900 6,974 | 0.979 426,787 0.933
Case3 14.4 0.800 6,826 | 0.959 396,300 0.867
Cased 12.6 0.700 6,678 | 0.938 365,782 0.800
12.0 0.001
100 +4 0.0008 'a—_
« o
% 8.0 3
S 1 00006 ®
= w“
> 6.0 o
2 >
'_g +4 0.0004 g
E’ 4.0 "é
i o
20 0.0002
0.0 a L B = & aB 0
Casel Case? Case3 Cased

—8— S (Llve Load 3)
- - EF - 'Pf(Live Load 3)

Fig. 4.18 Reliability analysis for three-span continuous box girder
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4.6 Reliability Analysis for Reinforced Concrete Girder with Time-dependence on Load
and Strength

The reliability analysis with time-dependent load and strength was carried out for the
reinforced concrete girder. The side view of the reinforced concrete girder is shown in Fig.
4.19. The span length is 19 meters, and the width is 13.75 meters with reinforced concrete slab
for 2 lanes. The structural model is shown in Fig. 4.20.

In general, concrete structures have corrosion in their steel material by the surrounding
condition, including the saline attack, carbonation, etc. In the reliability analysis with the
time-dependent strength, the steel bars in the lower flange are supposed to have corrosion and
reduce their sectional area due to saline attack. Table 4.5 shows the five analytical cases with
area variation of steel bar in lower flange, which are Case 1 (design area), Case 2 (75% area),
Case 3 (50% area), Case 4 (25% area) and Case 5 (0% area), respectively.

The dead loads of the reinforced concrete girder as well as the pavement were considered.
As same as the section 4.2, the wheel weight distribution of the middle truck 3 is assumed to
be the following normal distribution. One is Live Load 1 (the average of 82kN, the standard
deviation of 21kN, and the coefficient of variation of 0.25), based on the traffic investigation,
and the other is Live Load 2 (the average of 100kN, the standard deviation of 25kN, and the
coefficient of variation of 0.25), based on the current DSHB. The impact is assumed to be
0.286 according to the current DSHB. On the other hand, the yield stress of steel bar is
assumed to have an average of 345 MPa for the yield standard of SD345 and the coefficient of
variation of 0.25 according the construction results.

The calculation cases and the result are tabulated in Table 4.5 and 4.6, respectively. The
results of the reliability analyses are also shown in Fig.4.21 and 4.22. In Fig.4.21, the
reliability index at the quarter of span is more than 7.5 in Case 1 to 3 against the Live Load 1
and the Live Load 2. The reliability index at the half of span is more than 4.1 in Case 1-3
against the Live Load land the Live Load 2. In Fig.4.22, the probability of failure at the
quarter span are less than 0.0001 in Case 1 to 3 against the Live Load land the Live Load 2,
and the probability of failure at the half span is less than 0.0001 in Case 1-3 against the Live
Load land the Live Load 2.

Consequently, the reliability index is large and the safety was checked in Case 1 to 3. The
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reliability index is low in Case 4 and 5, however, there is no need to consider in a usual
maintenance. Based the results of reliability analysis, the safety of the reinforced concrete

girder was checked without a half sectional loss of steel bars at the lower flange.
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Fig. 4.19 Side view of reinforced concrete girder
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Fig. 4.20 Structural model for reinforced concrete girder



Table 4.5 Analytical case for reinforced concrete girder

Case Steel bar area in Sectional area of Vertical section

lower flange (per RC girder (per modulus RC girder
girder) girder) (per girder)

cm?2 Ratio cm?2 Ratio cm3 Ratio
Case 1 95.28 1.000 7,073 1.000 10,490 1.000
Case 2 71.52 0.750 7,073 1.000 8,514 0.812
Case 3 47.64 0.500 7,073 1.000 6,528 0.622
Case 4 23.82 0.250 7,073 1.000 4,547 0.433
Case 5 0 0.000 7,073 1.000 2,565 0.245

Table 4.6 Reliability Analysis result for reinforced concrete girder (in case of Live

Load 2 at x=L/2)

. Marginal . ... | Probability
Case Marginal Standard Reliability | Probability of Eailure
Numbers | Average L Index B | of Safety _
7m Deviation 7/ & o(8) Pf=0(-
o B)

Case 1 10000] 202.0548 20.7238 9.7499 1 0
Case 2 10000| 168.8707 23.4059 1.2149 1 0
Case 3 10000{ 115.3490 219272 4.1303 1 0
Case 4 10000f 15.8786 374613 0.4239 0.6619 0.3381
Case 5 10000{ -239.0641 62.8173 -3.8057 0.0001 0.9999

46




20.0

15.0

10.0

5.0

Reliabile Index f3

0.0

Analitical Case

===O==| ive Load 1
at L/4

=0 == | ive Load 2
at L/4

e=={J==| ive Load 1
at L/2

=={] == Live Load 2
at L/2

Fig. 4.21 Reliability index of RC girder at x=L/4 and L/2 in each case
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4.7 Summary

The reliability analyses for various bridges were carried out by using the Monte Carlo
Simulation, considering the time-dependent load and strength. The conclusions are
summarized as follows.

1) The safety of the orthotropic steel deck with the span of 10 meters was checked in case
of a three-quarter sectional loss of the lower flange in the longitudinal girder.

2) The safety of the simply supported steel girder with the span of 40 meters was checked in
case of a 20-percent sectional loss of the lower flange in the I-shaped girder. Based on the
result of long-term prediction, after 40 years old, the reliability index would decrease
gradually according to the thickness reduction of lower flange if the appropriate
maintenance is not carried out.

3) The safety of the continuous steel girder with the total span of 150 meters was checked in
case of a 30-percent sectional loss of the lower flange in the I-shaped girder. Based on the
result of long-term prediction, after 40 years old, the reliability index would decrease
gradually according to the thickness reduction of lower flange if the appropriate
maintenance is not carried out.

4) The safety of the continuous steel box girder with the total span of 300 meters was
checked in case of a 30-percent sectional loss of the lower flange in the box girder.

5) The safety of the reinforced concrete girder with the span of 20 meters was checked in

case of a half sectional loss of steel bars at the lower flange in the reinforced concrete slab.
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5. Reliability Analysis for Long-span Bridges with Time-dependence

5.1 Introduction

Japanese four major islands, i.e., Hokkaido, Honshu, Shikoku and Kyoshu, have been
already linked by highways or railways. Especially, Honshu and Shikoku are linked by three
routes of Honshu-Shikoku Bridges (Fig.5.1). The Kojima-Sakaide Route, the central route,
was completed for highway and railway in 1988, and six long-span bridges are called the
Seto-Ohashi Bridges. The Kobe-Naruto Route, the eastern route, was partly opened to traffic
in 1985, including the Ohnaruto Bridge (Fig.5.2), and was completed for highway in 1998,
including the Akashi Kaikyo Bridge. The Onomichi-Imabari Route, the western route, was
almost completed for highway in 1999. Totally, there are eighteen long-span bridges on the
three routes.

The Ohnaruto Bridge crosses the Naruto Strait, where is very famous for tidal currents and
large whirlpools, and connects the Awaji Island with the Naruto City in Shikoku. The
Ohnaruto Bridge is a suspension bridge with the main span of 876 meters, each side span of
330 meters and a backstay span of 93 meters.  The total bridge length is 1629 meters. This
bridge was constructed by the Honshu-Shikoku Bridge Authority (HSBA) and opened to
traffic in 1985 after overcoming the severe natural conditions, including fast tidal currents and
strong winds. In order to reduce the tidal force and to minimize the effect on the tidal
currents, multi-column type tower foundations are selected for the main tower foundations and
the side pier foundation. The maximum tidal current is approximately 10 knots (18.5 km/hr).
During substructure construction, special consideration was paid so that no sludgy water
leaked out into seawater because the surrounding area is designated to the national park.

The Naruto Strait is also famous for typhoon attacks every year. The basic wind speed is
50 meters per second in 10-minute average at 10-meter high from the sea level, and the design
wind speed for the girder is 73 meters per second, which is the highest standard in the
Honshu-Shikoku Bridges. Originally, the Ohnaruto Bridge is designed for 6-lane highways
and 2-truck railways. Currently, this bridge is opened to traffic for 4-lane highways on the

upper deck and an observation pass for public on the lower deck.
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Fig.5.1: The Honshu-Shikoku Bridges

Fig.5.2: The Ohnaruto Bridge, completed in 1985
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5.2 Reliability Analysis for Main Cable of Suspension Bridge
5.2.1 Cable Protection System of Suspension Bridge

The main cable of the Ohnaruto Bridge consists of 19,558 galvanized steel wires with each
diameter of 5.37 mm. 127 galvanized steel wires were prefabricated for a parallel wire
strand (PWS) in shop and 154 strands were erected by the prefabricated strand method in site.

Originally, the protection system for the main cable was composed of galvanized steel wires,
paste, wire wrapping and coating, as shown in Fig.5.3. The traditional protection system was
also applied to main cables of six suspension bridges in the Honshu-Shikoku Bridges,
including the Seto-Ohashi Bridges in 1988.

The investigation into the existing suspension bridges, including the Ohnaruto Bridge,
clarified that corrosion occurred in the main cables due to remaining water during construction
or operation, as shown in Fig.5.4. A new protection system was required for main cables.

In order to improve the cable protection system, an advanced dehumidification system,
which is called “the dry-air injection system,” was developed for the Akashi Kaikyo Bridge
during its construction, carrying out various experiments on the galvanized steel wires as well
as the cable strands. This system was applied to the existing suspension bridges, including
the Ohnaruto Bridge.

As shown in Fig.5.5 and 6.6, the air is dehumidified in the dry-air injection facilities,
transported via air injection pipes, injected into the air injection cover, passed through the
voids of the galvanized wires, and exhausted out of the air exhaust cover. Totally, four
systems are arranged on the Ohnaruto Bridge.

Cable airtight work was carried out from 1999 to 2000 in the Ohnaruto Bridge. In this
work, main cables are repainted with soft-type paint, which is composed of soft epoxy resin
and soft fluoropolimer paint.  Airtight work at cable bands was enhanced by caulking rubbers
and sealing compounds. After completion of the airtight work, the dry-air injection system,
i.e., the dry-air injection facilities, air injection pipes, and air injection/exhaust covers were
installed on the Ohnaruto Bridge.

The fundamental and practical experiments concluded that corrosion does not occur on the
galvanized wires in the relative humidity less than 60 percent, if particles are excluded. The

target humidity was decided to be 40 percent in the air exhaust cover, which enables that the
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Fig.5.3: Original cable protection system for the Ohnaruto Bridge

Fig.5.4: Corrosion on main cable of the Ohnaruto Bridges
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entire main cable is kept in a low humidity throughout the year. The air pressure in the air
injection cover is 200-500 mmA(q, which is equal to 20-50 hPa. The typical length from the
air injection cover to the air exhaust cover is 100-160 meters.

Fig.5.7 shows the relative humidity in the air injection/exhaust cover and the atmospheric
humidity and temperature in Naruto from January 2002 through December 2002, which is
nearly equal to one year. The relative humidity inside the main cable was almost kept under
the target humidity of 40 percent in three systems except one system.

Currently, this system for the Ohnaruto Bridge is not necessarily in a preferable condition,
as compared with new suspension bridges, including the Akashi Kaikyo Bridge. No
corrosion on the main cables is monitored through the inspection windows on both the air
injection covers and the air exhaust covers, while the relative humidity inside the main cable is
partially over the target humidity of 40 percent in one of four systems. Investigations are

under way, and countermeasures are under consideration.
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Fig.5.7: Temperature and humidity in main cable of the Ohnaruto Bridge
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5.2.2 Reliability Analysis for Main Cables

The main cable consists of approximately twenty thousand galvanized steel wires.

Each

wire has the 0.7 %-total-elongation yield strength of 1180 MPa (N/mm®) and the tensile

strength of 1600 MPa (N/mm?).

shown in Fig.5.8, respectively.
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The local bending moment will occur in the main cable due to dead load and the live load,
although the main cable is a tensile element. Therefore, the primary stress and the secondary
stress are calculated for the dead load and the live load, as shown in Fig.5.9. In the standard
loading, the stress ratios in the main cable are 0.845 by dead load, 0.142 by live load and
0.013 by thermal load and others, respectively.

Since the dry-air injection system for the Ohnaruto Bridge is not necessarily in a preferable
condition, the reliability analysis for main cables was carried out by the Monte Carlo
simulation on the assumption of the cable area reduction. In this analysis, the primary and
the secondary stress by the live load only changes in the normal distribution, considering the
limit-state loading during operation, and the yield strength for the resistance stress also
changes in the normal distribution. The result of reliability analysis is shown in Fig.5.10.

On the other hand, the reduction ratio of corrosion was estimated to be 0.08% per year
before introducing of the dry-air injection system. Currently, the total area reduction ratio is
less than 1.5% after completion, which means no problem exists in current situation. The

system is required to take an early countermeasure.

5.3 Reliability Analysis for Suspender Rope of Suspension Bridge
5.3.1 Suspender Ropes of Suspension Bridge

Suspender ropes of the Ohnaruto Bridge are “center-fit rope cores (CFRC)” with the
diameter of 60 and 70 mm, which are twisted with many galvanized wires, are hung on cable
bands and are anchored to girders, as shown in Fig.5.11. Coating was carried out on each
suspender rope by the dipping method at the site except the anchoring ends in the shop.
Under the severe natural condition, corrosions were recognized in suspender ropes not only at
general portion but also at anchoring ends, as shown in Fig.5.12. The investigation and the

rehabilitation have been under way since 2002.
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Fig.5.11: Suspender ropes of the Ohnaruto Bridge
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Fig.5.12: Corroded anchoring ends
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The general portions of suspender ropes were checked by a non-destructive inspection method,
called “the electromagnetic flux method.” In this method, the cross section of suspender
rope is supposed to be proportional to the magnetic flux induced by electromagnets. The
inspection results for eight general portions of suspender ropes are shown in Fig.5.13. The
maximum loss in cross section is not more than 1 percent in the general portions of suspender
ropes.

In addition, corrosions were observed in anchoring ends, and another non-destructive
inspection method, called “the electromagnetic wave method” was tested, as shown as
Fig.5.14. In this method, an electromagnetic wave from a transmitter goes down to the
anchoring end, reflects at the anchoring end, and comes back to a receiver. If a sectional loss
occurs in the anchoring end, the reflected electromagnetic waves will be reduced more than
the distance reduction. The reduction ratio depends on the frequency of electromagnetic
wave. The inspection results for eight anchoring ends of suspender ropes yielded that more
measured data are required in order to evaluate more precisely the sectional loss at the
anchoring ends.

Since corrosions were observed in anchoring ends, two suspender ropes were replaced by
new suspender ropes. The removed suspender ropes were inspected by the improved
electromagnetic method for the anchoring ends. The electromagnetic method revealed that
anchoring ends have the maximum loss of 9 percent in cross section.

The removed suspender ropes were also reassembled in order to check corrosions inside the
ropes and were tested in order to measure the remaining tensile strength. The maximum
reduction ratio of the tensile strength is 22 percent, as shown in Fig.5.15. By interpolating the
relationship of sectional reduction ratio and the tensile strength reduction ratio, the safety
factor of the suspender rope is checked, as shown in Fig.5.16. The corrosion in the anchoring
end is assumed to progress in proportional to the bridge age. In the anchoring end, the safety
factor will reduce to be less than 3.0 at the bridge age of approximately 40 years old.

Anti-corrosion measures are required for the anchoring ends.
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Fig.5.13(a): Inspection method for general portions of suspender ropes
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Fig.5.13(b): Inspection result in general portions of suspender ropes
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Fig.5.14(a): Inspection method at anchoring ends of suspender ropes
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Fig.5.14(b): Inspection result at anchoring ends of suspender ropes
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5.3.2 Reliability Analysis for Suspender Ropes

Each suspender rope with the diameter of 60 mm has the design tensile strength of 260 ton.
The frequency of the tensile strength is shown in Fig.5.17. And the frequency of the live
load, which is most influential in suspender ropes, is shown in Fig.5.18.

After the safety check for the suspender ropes, the reliability analysis was carried out by the
Monte Carlo simulation, considering the time history due to the corrosion as same as the
safety check. In this analysis, the force by the live load, including the impact, only changes
in the normal distribution, and the tensile strength for the resistance force also changes in the
normal distribution, as shown in Fig.5.19.

The reliability analysis result of suspender ropes is shown in Fig.5.20. The corrosion in
the anchoring end is assumed to progress in proportional to the bridge age, which is
underestimated in general. The relationship between the sectional ratio and the tensile
strength ratio is assumed to be the same as in Fig.5.16. The result yields that the reliability
index is more than 5.0 at the bridge age of 70 years old. Anti-corrosion measures are

required for the anchoring ends for the preventive maintenance.

63



0.250

0.200

0.150

0.100

Probability density

0.050

0.000

Normalized tensile strength

Fig.5.17: Frequency of suspender ropes

0.250

0.200

0.150

0.100

Probablity density

0.050

0.000

o o Lo o
- — o~ )

i 2
? (=}

w o w.
R

Normalized truck weight

2
<

Fig.5.18: Frequency of live load

64




Probability density

A

Load Resistance

Dead Load

+Live Load

+Impact

A

Tensile Strength

Sm / Rm

Failure

Y

Fig.5.19: Reliability analysis method for suspender ropes

40.0

35.0

30.0

25.0

20.0

15.0

10.0

Safety Factor, Reliablitiy Index

!\'_

0.0

0 20

-, . T 1 0.1
e

30

40 50 60 70 80
Bridge Age (year)

o
()]
Probability of Failure

1 0.2

‘ —&— Safety Factor —ll— Reliability Index

Failure Probability

Fig.5.20: Reliability analysis result of suspender ropes

65




5.4 Reliability Analysis for Entire System of Suspension Bridge
5.4.1 Structural Modeling of Suspension Bridge

In order to evaluate the reliability index and the probability of failure in the entire system of
suspension bridge, a two-dimensional full model was made in the bridge-axis direction as
shown in Fig. 5.21. The finite element analysis by the linear theory was applied to this
modeling for a simple calculation.

The coordinates and restrains of structural model are shown in Table 5.1. And sectional
performances, dead loads, live loads and wind loads of structural model are shown in Table
5.2, Table 5.3 and Table 5.4, respectively. These design dimensions were determined in
consideration of real suspension bridges. 8 to 10 suspender ropes were assumed to be a bar
model for the simplicity.

Analytical results due to dead loads in the vertical direction are shown in Fig. 5.22-5.24,
respectively. Analytical results due to live loads in the vertical direction are shown in Fig.
5.25-5.27, respectively. In addition, the analytical results due to wind loads in the lateral

direction, using this model with little modification, are shown in Fig. 5.28-5.30, respectively.

1A 2P 3P 4A

Fig. 5.21 Structural model for a suspension bridge with the main span of 880 m
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Table 5. 1 Coordinates and restrains of structural model

Node # |x coordinate|y coordinate| x restrain | vy restrain Rotation Location
1 10 50 1 1 0|Bearing 1A
2 88.75 50 0 0 0
3 167.5 50 0 0 0
4 246.25 50 0 0 0
5 325 50 1 1 0|Link 2P
6 335 50 1 1 0|Link 2P
7 443.75 50 0 0 0
8 552.5 50 0 0 0
9 661.25 50 0 0 0
10 770 50 0 0 0|CL of Girder
11 878.75 50 0 0 0
12 987.5 50 0 0 0
13 1096.25 50 0 0 0
14 1205 50 1 1 0|Link 3P
15 1215 50 1 1 0|Link 3P
16 1293.75 50 0 0 0
17 1372.5 50 0 0 0
18 1451.25 50 0 0 0
19 1530 50 1 1 0|Bearing 4A
20 330 0 1 1 0|Foundation 2P
21 330 55 0 1 0
22 330 150 0 1 O[Tower Top 2P
23 1210 0 1 1 0|Foundation 3P
24 1210 55 0 1 0
25 1210 150 0 1 0] Tower Top 3P
26 0 55 1 1 1|Anchorage 1A
27 88.75 61.871 0 0 1
28 167.5 79.475 0 0 1
29 246.25 107.899 0 0 1
30 443.75 107.23 0 0 1
31 552.5 78.213 0 0 1
32 661.25 60.803 0 0 1
33 770 55 0 0 1|CL of Cable
34 878.75 60.803 0 0 1
35 987.5 78.213 0 0 1
36 1096.25 107.23 0 0 1
37 1293.75 107.899 0 0 1
38 1372.5 79.475 0 0 1
39 1451.25 61.871 0 0 1
40 1540 55 1 1 1|Anchorage 4A

Note 1) Unit of x or y coordinate is meter 2) Restarin 0: free, 1: fixed
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Table 5.2 Sectional performances and dead loads of structural model in vertical direction

Element #| Node i | Nodej |E (kN/m2)] A (m2) I (m4) WXi WXj wyi wyj

1 1 2| 2.00E+08 2 70 0 0 -300 -300

2 2 3| 2.00E+08 2 70 0 0 -300 -300

3 3 4] 2.00E+08 2 70 0 0 -300 -300

4 4 5[ 2.00E+08 2 70 0 0 -300 -300

5 6 7| 2.00E+08 2 70 0 0 -300 -300

6 7 8| 2.00E+08 2 70 0 0 -300 -300

7 8 9( 2.00E+08 2 70 0 0 -300 -300

8 9 10| 2.00E+08 2 70 0 0 -300 -300

9 10 11| 2.00E+08 2 70 0 0 -300 -300
10 11 12| 2.00E+08 2 70 0 0 -300 -300
11 12 13| 2.00E+08 2 70 0 0 -300 -300
12 13 14| 2.00E+08 2 70 0 0 -300 -300
13 15 16| 2.00E+08 2 70 0 0 -300 -300
14 16 17| 2.00E+08 2 70 0 0 -300 -300
15 17 18| 2.00E+08 2 70 0 0 -300 -300
16 18 19| 2.00E+08 2 70 0 0 -300 -300
17 20 21| 2.00E+08 4 30 0 0 -600 -600
18 21 22| 2.00E+08 4 30 0 0 -600 -600
19 23 24| 2.00E+08 4 30 0 0 -600 -600
20 24 25| 2.00E+08 4 30 0 0 -600 -600
21 26 27| 2.00E+08 1 0 0 0 -80 -80
22 27 28| 2.00E+08 1 0 0 0 -80 -80
23 28 29| 2.00E+08 1 0 0 0 -80 -80
24 29 22| 2.00E+08 1 0 0 0 -80 -80
25 22 30( 2.00E+08 1 0 0 0 -80 -80
26 30 31| 2.00E+08 1 0 0 0 -80 -80
27 31 32| 2.00E+08 1 0 0 0 -80 -80
28 32 33| 2.00E+08 1 0 0 0 -80 -80
29 33 34| 2.00E+08 1 0 0 0 -80 -80
30 34 35( 2.00E+08 1 0 0 0 -80 -80
31 35 36( 2.00E+08 1 0 0 0 -80 -80
32 36 25| 2.00E+08 1 0 0 0 -80 -80
33 25 37| 2.00E+08 1 0 0 0 -80 -80
34 37 38| 2.00E+08 1 0 0 0 -80 -80
35 38 39| 2.00E+08 1 0 0 0 -80 -80
36 39 40| 2.00E+08 1 0 0 0 -80 -80
37 2 27| 2.00E+08 0.2 0 0 0 -10 -10
38 3 28| 2.00E+08 0.2 0 0 0 -10 -10
39 4 29| 2.00E+08 0.2 0 0 0 -10 -10
40 7 30( 2.00E+08 0.2 0 0 0 -10 -10
1 8 31| 2.00E+08 0.2 0 0 0 -10 -10
42 9 32| 2.00E+08 0.2 0 0 0 -10 -10
43 10 33| 2.00E+08 0.2 0 0 0 -10 -10
44 11 34| 2.00E+08 0.2 0 0 0 -10 -10
45 12 35( 2.00E+08 0.2 0 0 0 -10 -10
46 13 36( 2.00E+08 0.2 0 0 0 -10 -10
47 16 37| 2.00E+08 0.2 0 0 0 -10 -10
48 17 38( 2.00E+08 0.2 0 0 0 -10 -10
49 18 39| 2.00E+08 0.2 0 0 0 -10 -10
50 5 21| 2.00E+08 1 0 0 0 -100 -100
51 6 21| 2.00E+08 1 0 0 0 -100 -100
52 14 24| 2.00E+08 1 0 0 0 -100 -100
53 15 24| 2.00E+08 1 0 0 0 -100 -100
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Table 5.3 Sectional performances and live loads of structural model in vertical direction

Element #| Node i Nodej |E (kN/m2)| A (m2) I (m4) Wi wxj wyi wWyj

1 1 2| 2.00E+08 2 70 0 0 0 0

2 2 3| 2.00E+08 2 70 0 0 0 0

3 3 4] 2.00E+08 2 70 0 0 0 0

4 4 5| 2.00E+08 2 70 0 0 0 0

5 6 7| 2.00E+08 2 70 0 0 =50 =50

6 7 8| 2.00E+08 2 70 0 0 =50 -50

7 8 9| 2.00E+08 2 70 0 0 =50 =50

8 9 10| 2.00E+08 2 70 0 0 =50 -50

9 10 11| 2.00E+08 2 70 0 0 -50 -50
10 11 12| 2.00E+08 2 70 0 0 =50 -50
11 12 13| 2.00E+08 2 70 0 0 -50 -50
12 13 14| 2.00E+08 2 70 0 0 =50 -50
13 15 16| 2.00E+08 2 70 0 0 0 0
14 16 17| 2.00E+08 2 70 0 0 0 0
15 17 18| 2.00E+08 2 70 0 0 0 0
16 18 19| 2.00E+08 2 70 0 0 0 0
17 20 21| 2.00E+08 4 30 0 0 0 0
18 21 22| 2.00E+08 4 30 0 0 0 0
19 23 24| 2.00E+08 4 30 0 0 0 0
20 24 25 2.00E+08 4 30 0 0 0 0
21 26 27| 2.00E+08 1 0 0 0 0 0
22 27 28| 2.00E+08 1 0 0 0 0 0
23 28 29| 2.00E+08 1 0 0 0 0 0
24 29 22| 2.00E+08 1 0 0 0 0 0
25 22 30( 2.00E+08 1 0 0 0 0 0
26 30 31| 2.00E+08 1 0 0 0 0 0
27 31 32| 2.00E+08 1 0 0 0 0 0
28 32 33| 2.00E+08 1 0 0 0 0 0
29 33 34| 2.00E+08 1 0 0 0 0 0
30 34 35| 2.00E+08 1 0 0 0 0 0
31 35 36( 2.00E+08 1 0 0 0 0 0
32 36 25| 2.00E+08 1 0 0 0 0 0
33 25 37| 2.00E+08 1 0 0 0 0 0
34 37 38( 2.00E+08 1 0 0 0 0 0
35 38 39( 2.00E+08 1 0 0 0 0 0
36 39 40| 2.00E+08 1 0 0 0 0 0
37 2 27| 2.00E+08 0.2 0 0 0 0 0
38 3 28| 2.00E+08 0.2 0 0 0 0 0
39 4 29( 2.00E+08 0.2 0 0 0 0 0
40 7 30( 2.00E+08 0.2 0 0 0 0 0
41 8 31| 2.00E+08 0.2 0 0 0 0 0
42 9 32| 2.00E+08 0.2 0 0 0 0 0
43 10 33| 2.00E+08 0.2 0 0 0 0 0
44 11 34| 2.00E+08 0.2 0 0 0 0 0
45 12 35| 2.00E+08 0.2 0 0 0 0 0
46 13 36( 2.00E+08 0.2 0 0 0 0 0
47 16 37| 2.00E+08 0.2 0 0 0 0 0
48 17 38( 2.00E+08 0.2 0 0 0 0 0
49 18 39| 2.00E+08 0.2 0 0 0 0 0
50 5 21| 2.00E+08 1 0 0 0 0 0
51 6 21| 2.00E+08 1 0 0 0 0 0
52 14 24| 2.00E+08 1 0 0 0 0 0
53 15 24| 2.00E+08 1 0 0 0 0 0

Note 1) a concentrated live load (-800kN) is applied at the center of main span (node 10).
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Table 5.4 Sectional performances and wind loads of structural model in lateral direction

Element #| Node i Node j |E (kN/m2) A (m2) 1 (m4) WXi WXj wzi wzj

1 1 2| 2.00E+08 2 420 0 0 —60 -60

2 2 3| 2.00E+08 2 420 0 0 -60 —60

3 3 4| 2.00E+08 2 420 0 0 —60 —60

4 4 5| 2.00E+08 2 420 0 0 —60 —60

5 6 7| 2.00E+08 2 420 0 0 —60 —60

6 7 8| 2.00E+08 2 420 0 0 —60 —60

7 8 9| 2.00E+08 2 420 0 0 —60 —60

8 9 10| 2.00E+08 2 420 0 0 —60 —60

9 10 11| 2.00E+08 2 420 0 0 -60 —60
10 11 12| 2.00E+08 2 420 0 0 —60 -60
11 12 13| 2.00E+08 2 420 0 0 —60 —60
12 13 14| 2.00E+08 2 420 0 0 —60 —60
13 15 16| 2.00E+08 2 420 0 0 —60 —60
14 16 17| 2.00E+08 2 420 0 0 -60 —60
15 17 18| 2.00E+08 2 420 0 0 —60 -60
16 18 19| 2.00E+08 2 420 0 0 -60 —60
17 20 21| 2.00E+08 4 1240 120 120 0 0
18 21 22| 2.00E+08 4 1240 120 120 0 0
19 23 24| 2.00E+08 4 1240 -120 -120 0 0
20 24 25| 2.00E+08 4 1240 -120 -120 0 0
21 26 27| 2.00E+08 1 0 0 0 -10 -10
22 27 28| 2.00E+08 1 0 0 0 -10 -10
23 28 29| 2.00E+08 1 0 0 0 -10 -10
24 29 22| 2.00E+08 1 0 0 0 -10 -10
25 22 30| 2.00E+08 1 0 0 0 -10 -10
26 30 31| 2.00E+08 1 0 0 0 -10 -10
27 31 32| 2.00E+08 1 0 0 0 -10 -10
28 32 33| 2.00E+08 1 0 0 0 -10 -10
29 33 34| 2.00E+08 1 0 0 0 -10 -10
30 34 35| 2.00E+08 1 0 0 0 -10 -10
31 35 36| 2.00E+08 1 0 0 0 -10 -10
32 36 25| 2.00E+08 1 0 0 0 -10 -10
33 25 37| 2.00E+08 1 0 0 0 -10 -10
34 37 38| 2.00E+08 1 0 0 0 -10 -10
35 38 39| 2.00E+08 1 0 0 0 -10 -10
36 39 40| 2.00E+08 1 0 0 0 -10 -10
37 2 27| 2.00E+08 0.2 0 3 3 0 0
38 3 28| 2.00E+08 0.2 0 3 3 0 0
39 4 29| 2.00E+08 0.2 0 3 3 0 0
40 7 30[ 2.00E+08 0.2 0 3 3 0 0
41 8 31| 2.00E+08 0.2 0 3 3 0 0
42 9 32| 2.00E+08 0.2 0 3 3 0 0
43 10 33| 2.00E+08 0.2 0 3 3 0 0
44 11 34| 2.00E+08 0.2 0 3 3 0 0
45 12 35| 2.00E+08 0.2 0 3 3 0 0
46 13 36| 2.00E+08 0.2 0 3 3 0 0
47 16 37| 2.00E+08 0.2 0 3 3 0 0
48 17 38| 2.00E+08 0.2 0 3 3 0 0
49 18 39| 2.00E+08 0.2 0 3 3 0 0
50 5 21| 2.00E+08 1 0 0 0 0 0
51 6 21| 2.00E+08 1 0 0 0 0 0
52 14 24| 2.00E+08 1 0 0 0 0 0
53 15 24| 2.00E+08 1 0 0 0 0 0
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Max.: -8.5 m

N

Fig. 5.22 Displacements of suspension bridge due to dead load

Max.: 4.6 X 10™kN

Fig. 5.23 Axial forces of suspension bridge due to dead load

Max.: -3.1 X 10"°%kN-m

Fig. 5.24 Bending moments of suspension bridge due to dead load
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Max.: -1.7 m

Fig. 5.25 Displacements of suspension bridge due to live load

Fig. 5.26  Axial forces of suspension bridge due to live load

Max.: -1.0 X 10"°kN=m

Fig. 5.27 Bending moments of suspension bridge due to live load
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Max.: -6.2 m

S S

Fig. 5.28 Lateral displacements of suspension bridge due to wind load

Max.: 2.7 X 10°kN

e o e e ™
SE ST L s

Fig. 5.29 Axial forces of suspension bridge due to wind load

Max.: 6.6 X 10"°kN-m

Fig. 5.30 Bending moments of suspension bridge due to wind load

73



5.4.2 Reliability Analysis of Suspension Bridge

By using the full model of suspension bridge, the reliability analysis carried out by the
Monte Carlo simulation on the assumption of increasing the live load or the wind load.

In the first analysis, the stress due to the live load only changes in the normal distribution.
Considering the long-term change of the live load, the reliability analysis are carried out in the
following three cases, 1) design live load for the suspension bridge, 2) 10-percent increase of
design live load, and 3) 20-percent increase of design live load. Each live load is assumed to
have the coefficient of variation of 0.05. The yield stress of the cable is 1180 MPa. The
buckling stress of girders are 490 MPa for HT780 at the center of main span, and 360 MPa for
SM570 at the center of side span, respectively. Each yield stress or buckling stress assumed to
have the coefficient of variation of 0.05. The result of reliability analysis of suspension bridge
due to dead load and live load is shown in Table 5.5 and Fig.5.31 for representative members.
Against the design live load, element 3 (center of side span) has the lowest reliability index of
3.6, element 9 (center of the main span) has a high reliability index of 15.9. Element 29 (cable
at center) and 25 (cable at tower) have high reliability indices of more than 12.0.

In the second analysis, the stress due to the wind load only changes in the normal
distribution. Considering the return period of the wind load, the reliability analysis are carried
out in the following three cases, 1) design wind load for the suspension bridge, 2) 5-percent
increase of design wind load, and 3) 10-percent increase of design wind load. Each wind
load is assumed to have the coefficient of variation of 0.10. The yield stress of main cable and
the buckling stress of girder are assumed to be the same as in the above-mentioned cases. The
result of reliability analysis of suspension bridge due to dead load and wind load is shown in
Table 5.6 and Fig.5.32 for representative members. Against the design wind load, element 9
(center of the main span) has the lowest reliability index of 3.9, element 3 (center of side span)
has the second lowest reliability index of 5.9. Element 29 (cable at center) and element 25

(cable at tower) have the reliability indices of 8.5 and 12.9, respectively.
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Table 5.5 Results of reliability analysis of suspension bridge due to dead load and live load

Design live load 10% increase 20% increase
Reliability Index
Element 9 (center of main span) 15.855 15.743 15.656
Element 3 (center of side span) 3.629 3.218 2.826
Element 29 (cable at center) 12.887 12.793 12.624
Element 25 (cable at tower) 12.327 12.306 12.055
Probability of Failure
Element 9 (center of main span) 0.0000 0.0000 0.0000
Element 3 (center of side span) 0.0002 0.0007 0.0021
Element 29 (cable at center) 0.0000 0.0000 0.0000
Element 25 (cable at tower) 0.0000 0.0000 0.0000
Reliability Analysis Results due to Dead Load and Live Load
18.0 0.0025

16.0 4 ¢ '8 0,002 a:
« 140 F .- . o
g 120} 0.001 5

© _
£ 100 - 0015 =
2 go | °
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T 40 | @ 3
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20 o
0.0 ¢ 0
Design Live Load 10% Increase 20% Increase
—o— B(E9) —e— B(E3) B (E29) B (E25)
<< --PfE9) -- < --Pf(E3) Pf(E29) Pf(E25)

Fig. 5.31 Result of reliability analysis of suspension bridge due to dead load and live load
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Table 5.6 Results of reliability analysis of suspension bridge due to dead load and wind load

Design wind load | 5% increase 10% increase

Reliability Index

Element 9 (center of main span) 3.898 3.504 2.995

Element 3 (center of side span) 5.874 5.793 5.681

Element 29 (cable at center) 8.459 8.060 7.811

Element 25 (cable at tower) 12.846 12.601 12.565
Probability of Failure

Element 9 (center of main span) 0.0001 0.0003 0.0015

Element 3 (center of side span) 0.0000 0.0000 0.0000

Element 29 (cable at center) 0.0000 0.0000 0.0000

Element 25 (cable at tower) 0.0000 0.0000 0.0000

Reliability Analysis Results due to Dead Load and Wind Load
14.0 0.0016
o
12.0 - +{ 00014
. | " a
@ 100 00012 o
) { 0001 &
2 80 - _ t‘;
> 4 0.0008 ©
= 60 | S * . 2
lg : e <+ 0.0006 ;;
e 40 — r— _ 1 00004 §
noo b - - o
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°-
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—o— B(E9) —— B(E3) B (E29) B (E25)
--<--PfE9) --< --PfE3) Pf(E29) Pf(E25)

Fig. 5.32 Result of reliability analysis of suspension bridge due to dead load and wind load
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5.5 Summary

The conclusions are summarized as follows.
1) The dry-air injection system was introduced to the Ohnaruto Bridge in order to protect the
main cable against corrosion, and the four systems are in almost permissible conditions.
2) The suspender ropes have corrosions especially in the anchoring ends, and the safety factor
of the suspender rope is verified. Anti-corrosion measures are required for the anchoring
ends.
3) The reliability analysis for the main cable as well as the suspender ropes were carried out,
and the reliability index and the probability of failure are checked.
4) The reliability analysis for the entire system of the suspension bridge carried out, and the

reliability index and the probability of failure in girders and cables are checked.
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6. Structural Analysis for Long-span Bridges with Time-dependence

6.1 Introduction

In recent years cable-stayed bridge bridges seem to have been preferably constructed
throughout the world. A cable-stayed bridge consists of three major elements: that is, girder,
towers and cables. It is advantageous because of 1) economical design through the
pre-tensioning of cables, 2) easier erection using cables and 3) relatively simple and elegant
alignment.

However, the Locked Coil Rope (hereafter referred to as LCR) cables have been reported to
have undergone significant creep or relaxation. For this reason, DIN 1073 of West Germany
requires that the creep strain from 0.010% to 0.015% must be taken into account in the design
unless appropriate creep tests are conducted. In Onomichi Bridge (hereafter referred to as O
Bridge) it was reported from a series of field measurement that creep strain of 0.018% has
occurred. On the other hand, in Kawasaki Bridge (hereafter referred to as K Bridge), the
maximum relaxation of the cables has been reported to have amounted to 11.8% at 3.5 years
after construction.

According to the study by Nakai et al., the total creep elongation is the sum of the elongation
of each component wire and the structural elongation caused by the relative movements
between the interfaces of the wires; furthermore, they demonstrated that the creep elongation
of the spiral ropes is several times larger than that of the wires themselves.

An attempt is made in this study to evaluate the creep and relaxation of cable-stayed bridges
assuming that the cables follow the linear visco-elastic law based on the field measurements

on the existing bridges conducted by two different organizations.

6.2 Cable-stayed Bridges in Japan
6.2.1 Cables of Cable-stayed Bridges

The types of cables can be classified into: LCR and Parallel Wire Strand (hereafter referred
to as PWS). In case of the former in particular, a special attention is called for the creep
phenomenon. Several characteristics of cables are investigated on 14 typical cable-stayed

bridges in Japan and are listed in Table 6.1, together with KS Bridge, that is subjected to rather
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Table 6.1(a) Cable dimensions of cable-stayed bridges in Japan

No. [Initial Name Arrangement| Plane Rope Arca Breaking | Maximum | Prestress | T 41 X
’ Strength | Force T _TL
5 1 b
(cm?) ah(t/cmz) Taax\t) | T, (8) 2 (x10")
1 ¥ Y AMATOGAWA Harp 1 PWS217 x 19 809.6| 16.0 4408 201 0.340 | 0.016 | 17.44
BRIDGE (2) PWS169 x 19 | 630.5| 16.0 3203 148 0.318 | 0.015
PwS217 x 13 553.9 16.0 3347 212 0.378 | 0.024
"W5217 x 13 553.9| 16.0 3052 ° 222 0.344 | 0.025
2 sl SULMIRO FAN 1 PNS169 x 7 381.9| 16.5 901 0.143 8.85
BRIDGE (2) + 381.9 | 16.5 801 0.127
PNS127 X 6 784 0.124
636 0.101
3 K KAMOME FAN 1 Pws271 x 2 106.4 157 539 a0 0.323 | 0.024 1.92
BRIDGE MULTI- PNS184 x 2 72.3| 15.7 366 79 0.323 | 0.069
CABLE PWS114 x 2 44.3 157 227 33 0.323 | 0.049
4 R ROKKOH FAN 2 PWS217 x 2 85.2 152 430 130 0.331] 0.100 0.25
BRIDGE (6)
5 T TOYOSATO FAN 1 PWS154 x 16 | 483.7| 15.7 2548 556 0.335 | 0.073 | 5.21
BRIDGE (2) PWS127 x 12 299.2| 15.7 1167 549 0.248 | 0.117
6 0 ONOMICI RADIAL | 2 LCR-D70 X 4 138.8 | 11.8 330 13 0.202 | 0.008 | 16.13
BRIDGE (2) LCR-Do6 X 4 122.4 12,3 327 137 0.221 | 0,007
LCR-DS6 X 4 89.06 11.8 218 113 0.206 | 0.129
LCR-DS4 X 4 83.2 | 12.0 222 48 0.222 | 0.048
7 56 sulGOl HARP 1 PWS169 x 19 630.5 | 16.5 3137 453 0.302 | 0.044 1.09
BRIDGE, (3) PWS169 x 13 | 431.4 | 16.5 1967 58 0.276 | 0.008
PWS169 x 7
+PS127 X 6 381.9 | 16.5 1736 362 0.276 0.05?_
8 L DALKOKU FAN 2 PWS127 X 12 299.2 | 16.0 919 0.192 1..15
BRIDGE (2 PWS127 x 9 224.4 16.0 622 0173
PWS127 x 12 299.2 16.0 1044 0.218
PWS127 x 9 224 .4 16.0, 513 0.143
Table 6.1(b) Cable dimensions of cable-stayed bridges in Japan
NO, _Lmtial Name Arrangement | Plane Rope Area | Breaking [ Maximum | Prestress Tmﬂx Tp ¥
2 Strength | Force — |
(em®) Tb 'I'b :
SRR T X10
oh(t/cm ) 'lmax(t} lp (t) (x107)
Y A ARAKANA HARD 1 PWs127 x 7 281.8 | 16.0 1350 100 0.299 | 0,022 1.84
BRIDGE (2) +PWS91 X 6 281.8 | l6.0 962 500 0.213 | 0.111
10 I ISTRARI FAN 2 | PWS127 x 4 99,7 | 16.0 174 93 0.111 | 0.059  7.05
BRIDGE (2) L
11 E [1SAL RADIAL | 2 |LCR-F100¢ 70,4 | 12.0 268 0.317 2,06
BRIDGE "o(6) LCR-LY2¢ 58.4 | 11.8 224 0.324
LCR-L80g 44.8 | 11.9 170 0.320
LCR-N70¢ 4.7 1 11.7 119 0.293
12 4 GASSHON FAN 2 |LCR-L80¢ X 4 179.2 1 130 992 408 0.426 | 0.175 4. 80
BRIDGE (3) LCR-D70¢ x 4 138.8 | 13.0 589 0.326
LCR-D60¢ X 4 102.0 | 13.0 440 0.332
13 i} MAYA FAN 1 |LCR-DS8y X 12 280.8 | 15.0 1685 400 0.400 | 0.095 0.32
BRIV (2)
14 Sl SHINOI HARD 2 |LCR-11100¢ % 4 290.4 | 16.1 600 600 0.128 | 0.128 | 1.12
BRIDGL (2) LCR-L904 x 4 228.8 | 13.4 270 350 0.088 | 0.114
15 KS KAWASAKL I'AN 2 |LCR-DSO9 18.2 | 11.4 33 26 0.158 | 0.127 0.17
BRIVGE 1ER-0704 33.8 | 12.0 94 35 0.233 | 0.086
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extensive study. Among those 15 bridges, PWS are used in 9 bridges and LCR in other 6
bridges. In Japan, LCR was used earlier, and then PWS has become more popular. Recently,
however, LCR tends to be in use again because of easiness to use and of the resistance against
the corrosion. The maximum cable force, resulting from the combination of the live loads,
amounts approximately from 10 % to 40 % of the breaking strength, and the prestress forces
amounts from 1% to 10%.
6.2.2 Relative Stiffness Ratio of Cables

The design of cable-stayed bridges may be significantly controlled by the stiffness of cable.
For simple representation of the load distribution to the main girder, tower and cables, the

following ratio will be defined as the relative stiffness ratio of the cable:
Ec ). (Aci /li)sin* i

A 6.1
4 Eglg | Lt’ ©.1

where /i is length of each cable, Aci is area of each cable, /i is slope of each cable, Ec is
Young’s modulus of cables, Eg is Young’s modulus of main girder, /g is moment of inertia of
main girder, and L¢ is total length of bridge.

The relationship between the total span length and the relative stiffness ratio with respect to

the bridges considered in the proposed study in shown in Fig. 6.1

6.3 Field Measurements of Cable-stayed Bridges
6.3.1 Scope

For the present, available filed data are extremely limited on the long-term behavior of the
cable-stayed bridges. Namely, only two sets of data are available for use. Those are on 1) O
Bridge and 2) KS Bridge. They consists of the time-dependent changes of the vertical
deflections of the main girders and the cable tensions
6.3.2 KS Bridge

KS Bridge, shown in Fig. 6.2, is a cable-stayed bridge of multi-cable type, over the Ohkawa
River in Osaka for pedestrians and bicycles and was completed in 1978. It has two continuous
spans of 87.5m+40.65m, and has 20 LCR cables, the readers are recommended to see
reference 3).

The cable forces were measured two times so far: on completion and three years and a half
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afterward by the free vibration method using accelerometers and spectrum analyzer by Osaka
Municipal Office and Kurimoto Steelwork. Some of the authors were fortunate enough to
participate in the last measurement through the courtesy of Osaka Municipal Office.

The camber has been measured three times: on completion, one year and a half afterward,
and three years and a half afterward, respectively.
6.3.3 O Bridge

O bridge has three continuous spans and the center span is 215 m. The cable alignment is
radial type and 8 cables are connected at each stream side of the main girder. Each cable
consists of 4 LCRs. The filed measurements were performed 8 times on the vertical
deflections of the main girder. They were found to be significantly large even at the first field
measurement and were finally decided to be re-tightened after 8 years from the completion.
For detailed descriptions on the fabrication and erection of cables, the readers are
recommended to see reference 8) and 9).

The bridge dimensions and the results at the completion, 4 and 8 years after the completion
are shown respectively in Fig. 6.3. After 8 years from the completion, the deflection at the

center span amounted to 158 mm below the original configuration.

6.4 Method of Structural Analysis for Cable-stayed Bridges
6.4.1 Linear Visco-Elastic Model of Cables

The linear visco-elastic model is adopted for convenience to the cables. From the fact that
the maximum cable stresses do not amount to more than 30% of the breaking stresses of the
cables, it may be quite reasonable to assume that creep may remain in the stage of the initial
creep.

The linear visco-elasticity is defined by Boltzmann in 1-dimensional problem as follows:

o (t)= _[G(t —T)%d‘[
TSR (62)
0o (1)

e (t)= j J-r)=_—dz

Thus, the relationship between the stress and strain, that is, the constitutive equation can be

expressed in terms of the convolution. Consequently, the governing equations derived from
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this can be shown to take the form of Volterra’s linear integral equations of first kind.
Furthermore, Volterra’s principle states that any problem of the theory of hereditary
elasticity can be solved in exactly the same way as the corresponding problem in the normal
theory of elasticity except that in the final result the elastic constants must be replaced by
elastic operators. As a matter of fact, using Laplace transformation, and letting f(s)
designate the Laplace transformation of function f{z), then it is quite easy to show that

Eq.(6.2) can be transformed into:

E(S)ZE(S)é(S) .............................................................................. (6.3)
where E(s) =sG(s), in which G(s) and E(s) is referred to as the relaxation function and the

Young’s modulus in the Laplace image space s, respectively.

The three-element model adopted in this study, slightly different from what is called
“standard solid model” by Sonoda et al., is shown in Fig. 6.4.

It consists of elastic springs E; and E,, and a dash-pot with the viscosity constant 7.

The stress-strain relationship is given by:

;4_2 o :E(;+/ze) ..................................................................... (6.4)
where E=E;
£:(E1+E2)/77 ......................................................... (6.5)
u=Ey/7n
E;
E

e AVAVAVen

Fig.6.4 Three-element model for cable
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and the dot implies the differentiation with respect to the time #, Eq.(6..4) can be

transformed into the following, upon the Laplace transform assuming that o (+0)=Ee(+0):

o(s) =ESTH o)
s+ A
:E(S)é(s)=sa(s)é(s) .................................................................. (6.6)
where
E(S):Es—l—ﬂ ................................................................................. (67)
+ A
S T
G(s)=E S D) (6.8)
In case strain e(t) is known, then, from Eq.(6.6) it yields:
o (s) =E(e(s)-(/1—,u)%) ............................................................ (6.9)

In the case of the relaxation problem, that is when e(t)=e(0)=e,(t=0), e(t)=0(t<0), it is easy

to show that

o(1) — 1 (4 @XP(—AL)) #rrrrrerssmmes st (6.10)
o, l+p

where
/0 _EZ/E] .................................................................................... (6 11)

On the contrary, solving Eq.(6.6) for the strain, it can be seen that

o(s)

S+ u

;(S)Z%(E(S)i—(ﬂ—,u) ) e (6.12)

In the case of the creep problem, that is when o (t)= o (0)= o0 o(t=0), o (t)=0(t< o), it

is also easy to show that

@:l((1+p)_exp(_w)) ............................................................ (6.13)
P

€
In actual cable-stayed bridges, cables are neither in the state of creep in a narrow sense of
increasing strain on a constant stress, nor in the state of relaxation again in a narrow sense of

decreasing stress on a constant strain, but it is reasonable to consider that both phenomena

occur simultaneously.
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The coefficient of the model may be determined from the creep test of ropes themselves.
However, other factors such as the slips out of sockets or the deformation of bolts, and the
settlement of the supports may affect the time—dependent behavior of cable-stayed bridges.
Thus, it is difficult to determine the coefficients of cable model solely from the creep tests of
the component wires.

In the proposed study, thereby, the coefficients will be determined on the basis of the data
of cable tension measurements through the vibration tests can be considered to be relatively
reliable. The elongation of cables, nevertheless, can not be calculated correctly merely from
the camber measurements because towers deform simultaneously. In view of the fact that no
data is available with respect to the tower, an attempt is made to determine the constants of
the cable making the best use of the existing data.

When the actual phenomenon can be regarded as a relaxation problem, Eq.(6.10) can be
solved as follows:

o(r) _

Oy

A==2in((1+ )2

If the stress o (1), o (t;) are given at two different time station ¢;, ¢, and if £ remains
constant, then,
L+ 2 - p) = Lin(+ ) 2 -
4 Oy 2 Oy
Thus, 4 can be determined by letting o satisfy Eq.(6.15) and upon its substitution to
Eq.(6.14).
On the other hand, when the actual phenomenon can be regarded as a creep problem

Eq.(6.13) can be solved as
1
p=—In(1+p)~

If the strains of the cable e(?;), e(t;) are given at two different time stations ¢;, ¢, and if u

remains constant, then,

L+ p) - p <) = Lint+ p) - p

2 € 2 €

Therefore, 1 can be determined by letting p satisfy Eq.(6.17) and upon its substitution
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to Eq.(6..16). Unfortunately, since the sufficient relaxation data are not accumulated in view
of the fact that the cable tensions have been measured only once after the completion of the
bridge, the determination of the cable constants merely from the vibration tests will be found
impossible. Thus, an attempt is made to determine the constants from the camber
measurements assuming that the problem is the creep problem using only the data of cables
that did not undergo significant change of the cable force, and the results were compared

with the results from the tension measurements.

6.5 Formulation of Numerical Calculation for Cable-stayed Bridges
6.5.1 Scope

The long-term behavior of the cable-stayed bridges can be analyzed by finite element
method. From the Volterra’s principle, the stiffness matrix of linear visco-elastic cables can
be superimposed to that of the linear elastic girders and towers in the Laplace image space s
to form the global equilibrium equation of cable-stayed bridge. After solving this equation
the final solutions will be obtained in the real time domain through the numerical Laplace
inverse transformation.
6.5.2 Formulation by Finite Element Method

Since the girders and towers are linearly elastic, the stiffness matrix K;; for a beam element

is expressed as follows:

Kij:J.VB E B oV vt (6.18)

mi*~'mn""" nj

where B,,; or B,, E,,, and V designate the strain matrix, the elastic modulus matrix, and
volume of the element, respectively.

As cables are assumed to be linearly visco-elastic, the stiffness matrix is given by:

EV.(S) _ J'V BmiEm” (S)B @V «esvsvesssesessmsssssis ittt s (6.19)

where E,,(s) designates the elastic modulus in the Laplace image space and is represented

from Eq.(6..8) as follows:

S+ u

Kon(s)=E(s)=E —
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Combining these stiffness matrices in the Laplace image space s, the equilibrium equation

of the total bridge is given by

K@) K@ |[m@] _[ROL 621)
Kpu(s) Kp()[m()) |B(s) '

where  Kj;, W, and P; refers to the stiffness matrix, the nodal displacement, and the nodal
forces, respectively. Moreover, subscript, 1 and 2 refers to the main girder and tower,
respectively. In the proposed study, the forces consist of the dead load and the prestress

force induced to the cables. The following equations hold the complete system:

(F(S)){W(S)}= {F(s)} .................................................................. (6.22)
Similarly, for the system under erection:
(F(S)){W"—(S)}: {ﬁ(s)} .................................................................. (6.23)

The total displacement and stress can be obtained as the sum of each system by the principle
of superposition. Consequently, the displacements of girders and towers are obtained in
the image space:

)} = W)+ W)

— (E(s))_l {F(s)}+ (F(s))_l {ﬁ(s)} .......................................... (6.24)

6.5.3 Numerical Laplace Inverse Transformation

The obtained solutions, nevertheless, constitute sets of numerical data in the image space s,
and not in the real time domain ¢. It becomes necessary to apply the Laplace inverse
transformation to the solutions so that they correspond to the real time .

For successful execution of the numerical Laplace inverse transform, several
considerations will be necessary. Regarding the choice of the interval to be subjected to
the inverse transform, Izumi has proposed the following method: First, examine the

variation of the Young’s modulus in the image space s, and plot the value of E(s).

Secondly, find the interval in which this value changes and use this interval for the inverse

transformation for f(s). Finally, apply appropriate regression formula based on the least
square procedure in the prescribed interval so that the solution satisfies the limit theorems.
At first, the non-dimentionization will be performed on time. The Laplace transformation

is defined as follows,
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V_V(S) — Texp(—st)w(t)dt .................................................................. (6.25)

Let us non-dimensionalize the expression in terms of a parameter, T:

tITi, SZS'/T .................................................................................... (6.26)
Substitution of Eq.(6.26) in to Eq.(6.25) yields

%S) — TeXp(—E)W(TZ)dZ ............................................................... (6.27)

0

The above equation shows that the Laplace transform of w(7%) on t becomes w(s)/T and that

the Laplace inverse transformation of w(s)/T on s becomes w(Tt). The parameter T is

selected to be 7 /E, which is usually referred to as the delay time.
In the proposed study the solution of creep and relaxation is approximated as the sum of

exponential functions.

W(TZ) — ﬁ:a,‘ eXp(—E) .................................................................. (6.28)

where b, =Th, b =0

Then the square error f can be formulated as:

S e W)
;(;S "y T) (6.29)

1
/=3

where k refers to the number of the terminal points in the Laplace space, s. The values of
a; and b; must be so determined as to satisfy the limit theorems and minimize function f.
Now, letting N=2, a; can be determined as:

G =W,y Gy = Wy — W, rttsees s sssss sttt (6.30)

d _y
ob,

Furthermore, from the condition that

A ay W) L
Z(s4+s_+l7 T)(sj+b2 (6.31)

J

The value of b, which satisfies the above transcendental equation can be found through the

Regula Falsi Method.
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6.6 Numerical Illustrations of Cable-stayed Bridges
6.6.1 KS Bridge

The relative stiffness ratio is 0.17 X 10, which is much less than those for the other
cable-stayed bridges.

Fig. 6.5 shows KS Bridge model and its model dimensions, respectively. KS Bridge was
constructed in the following process, and the prestress was introduced by means of the jack-up
and —down of the main girder. Thus, the analysis was made in conformity with the actual
construction process:

1) Pre-dead Load: A temporary support is set up at point K4, the bridge girder is assumed to

be three-span continuous.

2) Jack Up: The girder is jacked up by 700 mm at point Al; by 100 mm at point K4; while
the tower is set back by 100 mm at its top. The cables having the prescribed lengths are
fastened to the main girder without initial stresses.

3) Remove Temporary Support: Temporary support at point K4 is removed.

4) Jack Down: The girder is jacked down by 700 mm at point A1. Then, prestress forces
are introduced into cables.

5) Post-dead Load: The post-dead load is applied to the completed bridge.

The pre-dead load of steel girders is 1.682 t/m. The weights of cables vary from 0.344 t to

1.044 t, and the post-dead load is calculated to be 0.447 t/m. Furthermore, Young’s modulus

[] Cable No.
X
|
8 - , - P Mia 26°\27 28
Y 2 3 4 5 6 7 8 9 10 1112 13 1415 16 5) 18 19 20 21 22 23 25&61

29

Fig. 6.5 Finite element model for KS Bridge
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of girders and towers is E=2.1X10° kg/cm?, and that of cables is Ec=1.6X10° kg/cm?,
respectively.

The coefficients, E;, E,, and 7 of three-element model for cables are determined based on
the measured data in the following manner: Firstly, a spring constant £, is assumed to be the
Young’s modulus of cables, Ec. The vertical deflection of main girders was measured at 1.5
year and 3.5 years after the completion of the bridge. Then, the elongation and strain
increments of cables are calculated from the measured data neglecting the set-back of towers.
Visco-elastic constants are determined by Eq.(6.16) from the measured strains of cables
obtained at different time stations with an appropriate modification made taking into account
the settlement of the supports: o =5.0, 1 =0.39; E,=8.0 X 10° kg/cm?, and 1 =20.5 X 10° year
kg/cm®.

Fig. 6.6 shows the relaxation of Cable 1 and Cable 10; whereas, Fig. 6.7 shows the creep
deflection of the girder. Plotted also herein are the measured data. However, many
discussions will be necessary with respect to whether the prediction of the future response is
correct or not and how well it is considered to be fitted with measured data.

6.6.2 O Bridge

The relative stiffness ratio is 16.13X10%, which is comparatively larger than the other
bridges. The measurement of the deflection had been performed every one or two years after
completion.

Upon substitution of the cable strains at two different time stations of 4 years and 8 years
after the completion into Eq.(6.17), the coefficients are determined as: p =2.0, u =0.109,
E=Ec=1.6 X 10° kg/em®, E,;=3.2 X 10° kg/cm?, and n =29.5 X 10° year kg/cm’.

Fig. 6.8 shows the predicted change of the deflection at 9 and @ plotted against the
measured data taking into account only the dead load. The change of deflection after 4 years
and 8 years are illustrated in Fig. 6.9, respectively. Again, discussions may be made whether
the prediction is good or not. However, from the available set of data, this may be as much
as what can be predicted. Besides, it can be seen that the simple application of the principle
of least squares without regard to the structural model may result in the better fit to the

measured value.
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6.7 Effects of Prestress and Relative Stiffness Ratio in Cable-stayed Bridges
6.7.1 Effect of Prestress

Sometimes the prestress is introduced to cables, either by using shim plates, by jacked-up
and —down of the main girder or the saddle of cable anchors, although the magnitude of
prestress itself is not so large as seen from Table 6.1. This is mainly to improve the
bending moment distribution of the main girder. To find the effect of this prestress, a
comparative analysis was performed on KS Bridge in both cases of with and without the
prestress.

The relaxation of Cable 10 is shown in Fig. 6.10. The relaxation in case of prestress is
7.8 % after 10 years, compared with 5.5 % in case of non-prestress. Shown also in Fig.
6.11, is the increment of deflection at Point K2.

6.7.2 Effect of Relative Stiffness Ratio

Using the spring constant ratio: o =E/E,=2.0 which is found to be fitted for O Bridge,
effect of the relative stiffness ratio is investigated.

Fig. 6.12 shows the relation between the relative stiffness ratio and the ultimate relaxation
of cables considering only dead load. It may be obviously seen that the greater the relative
stiffness ratio is, the less the relaxation of cables. The broken curve in this figure is a
hyperbola obtained through the regression formula on the least square scheme.

Fig. 6.13 shows the relation of the relative stiffness ratio and the ratio of the ultimate creep
strain to the initial strain. It may be observed that the greater the relative stiffness ratio is,
the greater the ratio of creep strain becomes. Although Fig. 6.12 and 6.13 are obtained
from very crude assumption of p =2.0, they may be used know approximately how much

creep and relaxation can be expected once the stiffness ratio is given.
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6.8 Summary
The conclusion obtained from the proposed study can be summarized as follows:

(1) If changes of cables or cambers are measured at two independent time stations besides on
the completion, the coefficients of cables model may be reasonably determined within the
framework of the linear visco-elasticity.

(2) It is considered that creep and relaxation of cables tend to increase under influence of
prestress. Thus, excessive prestress in comparison with other loads may not be
beneficial.

(3) The greater the relative stiffness ratio becomes, the more the creep controls; on the
contrary, however, the smaller the ratio becomes, the more the relaxation controls.

(4) At present, the available basic data on the time-dependent behavior of cable-stayed
bridges is extremely limited. Thus, further accumulation of the basic data is highly

recommended.
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7. Proposal of Bridge Management System by Reliability Analysis

7.1 Introduction

Honshu-Shikoku Bridges are very important infrastructures, which were completed with
plenty of costs, labors and periods in the twentieth century. These long-span bridges are
national properties to be maintained in healthy conditions for a long time (Fig.7.1).

In the Honshu-Shikoku Bridge Authority, the design and construction of long-span bridges
are reviewed and enhanced in the daily task. Currently, “the maintenance of long-span
bridges” is a major task, which is unprecedented project in Japan. Especially, the basic
policy of “the preventive maintenance” is introduced to the long-span bridges, which are
appropriately inspected and repaired in order to extend their lives to more than 200 years.

For example, the high-durability coating systems for steel structures and the inspection
methods for concrete structures are developed on the maintenance technologies, and the health
evaluation methods for long-span bridges are studied.

However, “the bridge management system,” which inclusively consists of inspection, health
evaluation, deterioration prediction and repair/reinforcement, has not constructed yet. In the
daily maintenance work, the emergency repair is appropriately judged by bridge inspectors
and evaluators. In this chapter, the current maintenance system is reviewed in order to make a
future bridge maintenance system, and a new bridge maintenance system, which is based on

the reliability analysis, is proposed.

Fig. 7.1 Inspection and maintenance for long-span bridges
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7.2 Examples of Bridge Management Systems
7.2.1 Bridge Management System in New York, USA
(1) Introduction

Dr. Kaito visited New York, USA as a researcher of the Colombia University from March
2001 to November 2001. He studied the bridge management system of New York City from
the Dr. Yanev, who worked in Bridge Department, Transportation Bureau, New York City.
There are 764 bridges (4,689 spans, 1,430,000 mi) in New York, and the average service life is
75 years. The organized maintenance is very important because of the aging bridges, the heavy
traffic volumes, and anti-freezing agents in winter.
(2) Health Evaluation

Federal Highway Administration (FHWA) usually evaluates the bridge health conditions in
10 ratings. On the other hands, the New York City evaluates the bridge health conditions in 7
ratings. In USA, each bridge should be visually checked every two years. Based on the
inspection results, the overall deterioration rating for each bridge is calculated, considering the
weight factor of 1 to 10 for 13 members. Each bridge has the identification number and filed
on each database, including the deterioration rating results and repair/reinforcement results.
New York City introduced a special method called the flag engineering to visual check. In the
flag engineering, several colors are used for immediate repair after visual check with respect
to members and damages. The visual check is always carried out by more than two inspectors
in order to enhance the reliability and objectivity of inspection and to reduce the human errors.
(3) Bridge Management System based on Health Evaluation

After appropriate maintenance the average deterioration rating was increased in 1992 to
2000. However, the larger the bridge is, the lower the average service life is. The average
deterioration rating for approximately 700 bridges is calculated in 1994 (Fig.7.2). With
appropriate maintenance the deterioration rating of 40-year-old bridge decreases to be rating 4
and constant. Without appropriate maintenance the deterioration rating of 55-year-old bridge
decreases to be rating 2, which is equivalent to the service limit (Fig.7.3).

Based on the deterioration rating results, the deterioration rating can be predicted to

decrease by 0.1 every year. The overall bridge deterioration prediction can be obtained by

100



Average Health Kvaluation Health Evaluation

5.0 7 - = - Average -
i ¢ ————  Without Reinforcement
L.8 /./ 6 smaaeme WOI'St 1
4.6 e 2 5 S
o—@ . \\
4 i"__.-—v* .\“./ 4 \ N e
o \
4.2 3 Ia
4.0 ' : . 9 N \ Li Ly
1992 1994 1996 1998 2000 0 10 20 30 40 50 60 70 8 90
Year Bridge Age (Year)
Fig. 7.2 Change of average health evaluation Fig. 7.3 Average deterioration curve in NY

weight average after calculating the deterioration prediction of each member, considering the
effects of 15 maintenance works (0.0 to 1.0).

The life-cycle cost can be calculated for test estimation. In case of service limit, the bridge is
assumed to repair, reinforce or reconstruct. If all maintenance work is done, the bridge service
life will extend to be three times.

(4) Summary

The following items are very important; 1) standardization of inspection techniques, 2)
identification of inspection method, 3) quantitative raring of deterioration, 4) electrical
database, 5) public information, 6) effective use of database, 7) civic cooperation.
7.2.2 Bridge Management System in Germany
(1) Introduction

Prof. Izumo of Kanto Gakuin University explained the bridge management system in
Germany. In European countries, the bridge management system, which is based on the bridge
maintenance database, is now in an operational stage after collecting the exiting bridge
information.
(2) Necessity of Bridge Management System in Germany

Federal government of Germany is the owner of federal highways and has the responsibility
of maintenance and finance. Each local government has the responsibility of inspections and
repairs of federal highways. The maintenance budget is estimated to increase because traffic
volumes as well as truck loads are increasing. The bridge management system is developed so

that the limited budget is required to efficiently enforce. This system provides the overview,
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long-term aim/strategy for the federal government and the proposal of objective structures for
the local governments.
(3) Concept of Bridge Management System

Practical use of bridge management system is scheduled to start by 2005. The bridge
management system in Germany consists of the following seven modules; 1) database for
highway network, 2) current data and evaluation, 3) damage analysis of objective structure, 4)

repair plan, 5) cost/benefit analysis, 6) plan and execute, 7) management adjustment (Fig. 7.4).

Module| Module1 Module 2 Module 3 Module 4 Module 5 Module 6 Module 7
Database Inspection Damage Maintenance B/C Plan & Do Management
1 [
\
|
Topic | Collection Inspection Review Measure Strategy Program Inspection
Data List
of Data i “ }‘ J
! | Grouping l ‘\
Structural ? ; . .
D | Evaluation Budget Comparison
ata |
I L Expert I \
| | | \ |
| | ‘ | i
Database Merlee; Damage P a@age Measure Comparison Funds Comparison
List Model | | List
Rating Additional
Study Rule Priority Preparation Evaluation
T
| | | |
; | Cost Evaluation ! : \
| \ l |
Goal Database Evaluation | | Classification Alternative Analysis Execute Check
of Damage of Measures

Fig. 7.4 Concept of bridge management system in Germany

(4) Database

According to the “ASB79” (statement on highway database), all highway data are collected
and preserved. In addition, “SIB” (structural database), including related information, figures
and photographs, are proposed and put in practical service. Currently, the federal government
is developing a new system called the BISStra in order to improve the information processing

conditions.
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(5) Inspection and Investigation

Methods of inspection and investigation are prescribed in the DIN1076. The visual check
and the yearly visual check shall be carried out four times per year and once per year,
respectively. The basic inspection shall be carried out by inspectors by means of visual check
every three years. Detailed investigation shall be carried out by experts by means of
non-destructive tests every six years, and special investigation shall be carried out in case that
a damage occurs, which has a possibility of influence on the structural safety.

The federal government made a guideline on inspection result process, which is called
“RI-EBW-PRUEF” in 1998. In this guideline, the individual evaluation of the damaged
structures are classified in the following three categories: 1) structural safety, 2) traffic safety,
3) structural durability, and the total evaluation the damaged structures are automatically
calculated by means of quantitative manner.

(6) Construction of Bridge Management System

In the bridge management system, each local government has the following plan making
processes: 1) damage, deterioration rating and evaluation, 2) structure overall evaluation, 3)
decision of repair period, 4) emergence evaluation, 5) repair plan making, 6) repair plan
evaluation, 7) priority of repair plan, 8) repair execution plan, and 9) budget to need.

On the other hand, the federal government has the following adjustment processes: 1)
provision of network data, 2) comparison of target and result, 3) long-term cost estimation, 4)
long-term deterioration rating, 5) statistical evaluation on special issue, 6) analysis and
evaluation, and 7) effect of plan.

In addition, each local governments also has the following executing processes: 1) budget
and plan making, 2) execution possibility, 3) plan decision, 4) execution, and 5) adjustment.
(7) Summary

The federal government and the local governments need to cooperate in all processes of
plan, adjustment and execution. An objective process for plan decision, an integrated system
and a maintenance method are needed.

9.2.3 Study on Bridge Management System in Japan
(1) Introduction

Prof. Miyamoto of Yamaguchi University and et al. studied the bridge management system
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for concrete structures by using the Fuzzy theory. Since the concrete structures are slowly
deteriorating in Japan, the concrete structures need the appropriate maintenance. In order to
utilize the limited budget, the bridge management system is required. The bridge management
system, which consists of visual inspection, deterioration evaluation, deterioration prediction
and repair plan, is proposed in this study.
(2) Feature of Bridge Management System

The bridge management system is developed for existing reinforced concrete bridges. In
the visual inspection, cracking, surrounding condition, traffic volume, etc., are considered. In
the deterioration evaluation, an expert system, based on the Fuzzy theory, is introduced (Fig.
7.5). In the deterioration prediction, the durability valuation and strength evaluation are
carried out by assumption of a third-power curve and a forth-power curve, respectively. In
repair plan, effects of repair or reinforcement are expressed quantitatively.
(3) Application of Bridge Management System to real bridges

In order to ensure the precision of the bridge management system, a questionnaire survey to

professional engineers on seven bridges is carried out. The survey results are summarized as

follows.
I
l |
Back Network
2 s 2. | £5
Front Network
Input
X
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Fig. 7.5 Concept of expert system based on the Fuzzy theory
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1) The visual inspection results by professional engineers are equivalent to real bridge
conditions.

2) The deterioration evaluations results by professional engineers are almost equivalent to
the deterioration evaluation results by the expert system.

3) The deterioration prediction results by professional engineers are longer than the
deterioration prediction results by the expert system.

4) The repair plan results by professional engineers are almost equivalent to the repair plan
results by the expert system.

(4) Summary

The bridge management system can be applied to real bridges as compared with the

professional engineer’s judgement and the expert system’s judgement.
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7.3 Current Maintenance System for Long-span Bridges
7.3.1 Inspection Method

In the inspection for long-span bridges of the Honshu-Shikoku Bridges, the periodical
inspection is classified as follows.

1) Daily inspection: Structures are inspected by visual check from maintenance ways on
long-span bridges every three months.

2) Basic inspection: Structures are inspected by visual check or finger check from
maintenance ways or maintenance vehicles on long-span bridges every year or two years.

3) Detailed inspection: Structures are inspected by means of accurate measurement
instruments every five years.

The results of the above-mentioned inspections have been kept on an electric database since
1998 in order to access the database to all bridge engineers.

7.3.2 Health Evaluation Method

Changes and disorders in the above-mentioned inspections are reported and evaluated by
rating 1 to 5 in each structural member.

For superstructure, 1) floor system, 2) main girder, 3) main tower, and 4) main cable, are
evaluated. For substructure, 5) anchorage, and 6) tower foundation, are evaluated. For
others, 7) expansion joints, 8) bearing, 9) accessories, 10) coating system, and 11) pavement,
are evaluated.

After the individual evaluation for each structural member, the overall evaluation is
calculated in rating 1 to 5 by considering the individual weight of 4 to 10. The individual
weights are 10 for the member 2) to 6), 8 for the member 1), 6 for the member 8), 5 for the
member 9), and 4 for 7), 10) and 11), respectively.

The results of health evaluation for two bridges are shown in Table 7.1 to 7.3.

Table 7.1 Health evaluation results for two bridges from 1999 to 2003

Bridges 1999 2000 2001 2002 2003
AK Bridge 4.7 4.7 4.8 4.7 4.7
ON Bridge 4.1 4.1 4.1 3.9 3.9
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Table 7.2 Health evaluation result of AK Bridge in 2003

AK Bridge (1998) Health Evaluation in 2003
Memb Weight Condition |Weighted condition
embers (a) (b) (a) X (b)
Deck 8 5 40
Girder 10 5 50
Tower 10 5 50
Cable 10 5 50
Anchorage 10 5 50
Tower Foundation 10 5 50
Expansion Joints 4 4 16
Bearings 6 4 24
Accessories 5 3 15
Coating 4 4 16
Pavement 4 5 20
Total 81 381
Rating 47

Table 7.3 Health evaluation result of ON Bridge in 2003

ON Bridge (1985)

Health Evaluation in 2003

Mermb Weight Condition |Weighted condition

embers (a) (b) (@) X(b)
Deck 8 5 40
Girder 10 5 50
Tower 10 5 50
Cable 10 3 30
Anchorage 10 4 40
Tower Foundation 10 3 30
Expansion Joints 4 4 16
Bearings 6 4 24
Accessories 5 3 15
Coating 4 2 8
Pavement 4 4 16

Total 81 319

Rating 3.9
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7.3.3 Deterioration Prediction Method

In the steel structures of long-span bridges, many points for coating investigation are
designated and the coating condition, including coating thickness, luster, choking, etc., are
periodically checked. Based on the results of coating investigation, the average reducing speed
in the coating thickness and the deteriorating curve of the coating thickness are obtained.

On the other hand, in the concrete structures of long-span bridges, the non-destructive tests
are introduced, and the durability effects due to salinity or carbonation are checked by
measuring the salinity density and the carbonated depth. In addition, the deterioration
predictions are carried out, based on the results of the non-destructive tests.

7.3.4 Repair/Reinforcement Plan Method

Based on the coating deteriorating curves for the steel structures, partial repaint or overall
recoating are proposed and carried out in the long-term maintenance program. Based on the
deterioration predictions for the concrete structures, countermeasures are proposed and carried
out in the long-term maintenance program.

7.3.5 Current Bridge Maintenance System

The above-mentioned processes are carried out in each long-span bridge, considering the
completed year, the damaged member, the surrounding condition, etc. The current
maintenance system for log-span bridges is shown in Fig. 7.6. An efficient maintenance

system is required, based on the quantitative and rational judging criteria.

In general (every year)

Inspection Health Health Repair Repair
P — — — P = p
(Database) Evaluation Prediction Plan Execution
For coating and concrete (periodically) /’
Investigation Deterioration Deterioration
BAON | — —
(Database) Evaluation Prediction

Fig. 7.6  Current maintenance system for log-span bridges
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7.4 Long-span Bridge Management System by Conventional Method
7.4.1 Inspection Problem

Currently, the various inspection results are kept on an electric database of each operation
office, these results should be kept on a common database in order to be easily accessed by
each bridge engineer. The repair results are not necessarily kept on database of each operation
office as well as on a common database. The investigation results, including the designated
coating investigation for steel structures and the non-destructive tests for concrete structures,
are required to make an electric common database.

7.4.2 Health Evaluation Problem
The objects of health evaluation are described as follows.

1) Compare the health evaluation results of various bridges in a short term.

2) Compare the health evaluation results of each bridge in a long term.

3) Accumulate the health evaluation results.

4) Make a budget and execute a repair work if an early repair is needed.

5) Make an appropriate repair plan for each bridge in each year.

6) Make the bridge management system in the near future.
The above-mentioned objects 1), 2), 3) and 4) have been almost achieved, and the objects 5)
and 6) are required to solve immediately.

The method of health evaluation is revised every year, however the evaluations of changes
or disorders are not necessarily quantitative and the results of health evaluation are easy to be
variable. For instance, the weight for each member and the judgement of each condition
depend on the engineering judgement, which includes the individual variation and lacks the
objectivity.

The designated coating investigation for steel structures in every five year and the
non-destructive tests for concrete structures in every five to ten years are required to consider
their results in the health evaluation. How to evaluate the effect of repair or reinforcement is a
future problem. For instance, the overall recoating obtains the rating after finishing the
several-year recoating work.

7.4.3 Deterioration Prediction Problem
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In ordinary inspections, visual checks are major inspection method, and the results cannot
be considered in deterioration prediction. The coating deterioration prediction for steel
structures and the concrete deterioration prediction for concrete structures, have no problem
because those predictions are qualitative.

7.4.4 Repair/Reinforcement Plan Problem

How to reflect the health evaluation results to long-term repair plan is one of the most
important problems. The results should be a major part of the bridge management system.
Therefore, the health evaluation should be for the bridge management system. If possible, the
health evaluation would be carried out for all bridges, including general steel bridges,
reinforced concrete bridges and prestressted concrete bridges, and the bridge management
system should be built for all bridges.

7.4.5 Bridge Maintenance System Problem

The inspection results and the investigation results could be evaluated as the same time. The
problems of the health evaluation and the deterioration prediction in current bridge
maintenance system are summarized as follows.

1) The weight for each member in the health evaluation method is not necessarily rational.

2) The structural safety in the health evaluation method is not necessarily clear.

3) The relation between the health evaluation and the deterioration prediction is unclear.

4) The process from the health evaluation to the deterioration prediction, the repair plan and
the repair execution are not necessarily clear.

Consequently, the bridge management system, which is based on quantitative and rational
judgement criteria, is required in order to maintain the long-span bridges appropriately in the

limited budget. A draft for bridge management system of long-span bridges is shown in Fig.

7.7.

Inspection, Health/ Health/ Repair Repair
Investigation | =) |Deterioration | =) |Deterioration |=)| Plan = | Execution
(Database) Evaluation Prediction

Fig. 7.7 Draft for bridge management system of long-span bridges
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7.5 Proposal of Long-span Bridge Management System by Reliability Analysis
7.5.1 Proposal of Inspection

The inspection results, including the repair results, should be kept on a database of each
operation office as well as on a common database. The investigation results, including the
designated coating investigation for steel structures and the non-destructive tests for concrete
structures, should be made as an electric common database.

7.5.2 Proposal of Performance Evaluation

In general, the performances of a structure are classified as the following major
performances, 1) strength performance, 2) durability performance, 3) functional performance
and others.

The reliability analysis can be applied to the strength performance, considering the
resistances and the loads. The reliability index [ and the probability of failure Pf can yield
to the safety of the structure. In addition, the reliability analysis can be applied to the
durability performance of steel structures, considering the coating thickness and the corrosion
limit. The reliability analysis can be also applied to the durability performance of concrete
structures, considering the salinity density and the corrosion limit. In general, the other
performances are negligible to the safety of structure.

Based on the result of the above-mentioned consideration, the health evaluation for steel
structures and deterioration evaluation can be revised to “the performance evaluation” by
using the reliability analysis.

7.5.3 Proposal of Performance Prediction

The strength performance can be predicted by the reliability analysis, considering the
time-dependent load and resistance. The durability performance can be predicted by the
reliability analysis, considering the time-dependent corrosion limit and coating system.

Based on the result of the above-mentioned consideration, the health prediction for steel
structures and deterioration prediction can be revised to “the performance prediction” by using
the reliability analysis.

7.5.4 Proposal of Repair Plan
Based on the result of the above-mentioned consideration, the bridge management system

can be obtained by means of the reliability analysis. The new bridge management system by
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reliability analysis is shown in Fig. 7.8.

Reliability Reliability
Analysis Analysis
Inspection, Performance Performance
Investigation Evaluation = | Prediction
(Database)
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Plan

Repair

Execution

Fig. 7.8 New bridge management system by reliability analysis




7.6 Example of Long-span Bridge Management System by Reliability Analysis

Firstly, many examples of strength performance have been described in Chapter 4 and 5,

considering the time-dependent load and strength. Application of reliability analysis is easily

available to strength performance in the long-term maintenance.

Secondly, an example of durability performance is introduced in this section, considering

the time-dependent corrosion and coating for steel structures. The coating investigation of ON

Bridge in 1991-1998 is shown in Fig.7.9 (a) to (d), respectively. The normal distribution

approximation is almost equal to the frequency of total coating thickness. And the log-normal

distribution approximation is quite equal to the frequency of total coating thickness. The total

coating thickness in designated criteria is 255 um for

dashed in Fig.7.9.
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Fig.7.9 (a)-(d): Coating investigation of ON Bridge in 1991-1998

113



Changes of the normal distribution approximation and the log-normal distribution
approximation in the total coating thickness are shown in Fig.7.10 and 7.11, respectively.
These figures show the reduced average of total coating thickness and the increased variation
of the total coating thickness according to the investigation year.

On the other hand, these figures also show the corrosion limits with the average of 135 u m
and standard variation of 30 x m, which are dashed curves in Fig.7.10 and 7.11. The
corrosion limit for polyurethane resin paint is supposed to occur as following assumption.

1) Corrosion occurs in a small area when the averaged total coating thickness is 195 u m,
where the sixth coating (upper paint) and the fifth coating (middle paint) disappear.

2) Corrosion occurs in a half area when the averaged total coating thickness is 135 u m,
where the four coating (lower paint) disappears.

3) Corrosion occurs in most area when the averaged total coating thickness is 75 1 m, where
the third coating (lower paint) disappears.

The above assumption should be examined by means of accumulated data. However, the
corrosion can be considered to occur when the total coating thickness becomes to less than the
corrosion limit due to saline element, water, oxygen, and the other causes. The marginal
coating thickness, which is the total coating thickness minus the corrosion limit, shall be
calculated by the Monte Carlo Simulation. Therefore, the reliability analysis can be used for

the durability performance as well as the strength performance.
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Fig.7.10 Normal distribution of corrosion and variable coating thickness

Log—normal distribution approximation of coating investigation
1991-1998

0.16
0.14
0.12
0.1
0.08
0.06
0.04
0.02
0

Probability density

O S RSO OSSO D PO QS
PSPPSR LS PSSP PLS

Total coating thickness (¢ m)

—#— Log—normal 1991 —e— Log—normal 1993 Log—normal 1996
Log—normal 1998 - - & - - Corrosion Limit

Fig.7.11 Log-normal distribution of corrosion and variable coating thickness
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The reliability analysis for durability performance is carried out by application of the Monte
Carlo Simulation to the corrosion limits and the total coating thickness as same as the load and
resistance for strength performance.

The reliability index in the normal distribution approximation and the log-normal
distribution approximation are shown in Fig.7.12. In the normal distribution approximation,
the reliability index decreases from 3.57 in 1993 to 3.13 in 1998. In the log-normal
distribution approximation, and the reliability index decreases from 3.67 in 1993 to 3.24 in
1998.

In addition, the failure of corrosion in the normal distribution approximation and the
log-normal distribution approximation are shown in Fig.7.13. In the normal distribution
approximation, the failure of corrosion increases from 0.0 in 1993 to 0.0008 in 1998. In the
log-normal distribution approximation and the failure of corrosion increases from 0.0 in 1993
to 0.0004 in 1998.

Since the log-normal distribution approximation is equal to the frequency of total coating
thickness, the analytical result of the log-normal distribution approximation is more precise
than that of the normal distribution approximation. These results are tabulated in Table 7.4.

This approach can be available in application not only to the performance evaluation but
also to the performance prediction. By using the deterioration curves for coating system
described in the chapter 3, the reliability analysis can be carried out for the performance

prediction.

Table 7.4 Results of reliability analysis for coating system against corrosion

1993 1996 1998
Reliability Index
Normal distribution 3.5708 3.2195 3.1295
Log-normal distribution 3.6722 3.4110 3.2411
Failure of Corrosion
Normal distribution 0.0001 0.0004 0.0008
Log-normal distribution 0.0000 0.0001 0.0004
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Fig.7.12 Reliability analysis of coating system against corrosion
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Fig.7.13 Reliability analysis of coating system against corrosion
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Thirdly, the reliability analysis for durability prediction is carried out by application of the
Monte Carlo Simulation to the corrosion limits and the total coating thickness as same as the
load and resistance for strength performance.

The reliability index in the normal distribution approximation and the log-normal
distribution approximation are shown in Fig.7.14. In the normal distribution approximation,
the reliability index decreases from 3.04 in 2001 to 2.42 in 2010. In the log-normal
distribution approximation, and the reliability index decreases from 3.23 in 2001 to 2.88 in
2010.

In addition, the failure of corrosion in the normal distribution approximation and the
log-normal distribution approximation are shown in Fig. 7.15. In the normal distribution
approximation, the failure of corrosion increases from 0.0013 in 2001 to 0.0083 in 2010. In
the log-normal distribution approximation and the failure of corrosion increases from 0.0003
in 2001 to 0.0013 in 2010.

Since the log-normal distribution approximation is equal to the frequency of total coating
thickness, the analytical result of the log-normal distribution approximation is more precise
than that of the normal distribution approximation. These results are tabulated in Table 7.5.

The normal distribution prediction and the log-normal distribution prediction in the total
coating thickness from 2001 to 2010 are shown in Fig.7.16 and 7.17, respectively. These
figures show that the reliability analysis can be available in application to the performance

evaluation as well as to the performance prediction.

Table 7.5 Results of reliability analysis for coating system against corrosion

2001 2004 2007 2010
Reliability Index
Normal distribution 3.0441 2.8653 2.6262 2.4195
Log-normal distribution 3.2254 3.0974 3.0070 2.8767
Failure of Corrosion
Normal distribution 0.0013 0.0017 0.0036 0.0083
Log-normal distribution 0.0003 0.0005 0.0009 0.0013
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Fig.7.14 Reliability analysis of coating system against corrosion
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Fig.7.15 Reliability analysis of coating system against corrosion
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Normal distribution prediction of coating system in 2001-2010
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Fig.7.16 Normal distribution prediction of coating system
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Fig.7.17 Log-normal distribution prediction of coating system
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7.7 Summary

Examples of bridge management systems in foreign countries and Japan were reviewed.
And the current bridge maintenance system for the long-span bridge was also reviewed.

By introduction of the reliability analysis to the bridge management system, the
performance evaluation and the performance prediction for structures can be possible in terms
of the reliability index and the probability of failure. This method can yields to the
quantitative and rational repair plan for long-span bridges.

In future, the bridge management system will be applied to all bridges, including general
steel bridges, reinforced concrete bridges and prestressted concrete bridges on the

Honshu-Shikoku Highways.
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8. Summary, Conclusions and Recommendations

8.1 Summary

In the second chapter, the basic theory on the reliability analysis was reviewed. The
Monte Carlo techniques is very convenient for the reliability analysis even if the function
has a complicated distribution, since the computer easily generates a lot of random numbers.

In the third chapter, the live load and the wind load were reviewed as increasing models of
the time-dependent load. And the steel structures and the concrete structures were reviewed as
aging models of the time-dependent strength.

In the forth chapter, the reliability analyses for various types of bridges (girder of steel deck
plate, simply supported steel girder, three-span continuous steel girder, three-span continuous
steel box girder, reinforced concrete girder) were carried out, considering the time-dependent
load and strength. The results yielded that the safety reduces gradually against the increase
of live load, but that the safety reduces rapidly against the corrosion of steel members.

In the fifth chapter, since the corrosions had been observed, the reliability analyses for the
main cable and the suspender rope of suspension bridges were carried out, considering the
time-dependent load and strength. The result yielded that the reliability index of the main
cable is 8.0, which means no problem. And The result yielded that the reliability index of the
suspender rope is more than 20.0 presently, and approximately 10.0 after 10 years. In addition,
by using the entire model of suspension bridge, the representative members were checked by
the reliability analysis against the increase of live load and wind load.

In the sixth chapter, the structural analysis for the creep and relaxation in cables of the
cable-stayed bridges were carried out, assuming the visco-elasticity of the cable. The
analytical results of many cable-stayed bridges yielded that the more the relative stiffness of
the cable to the girder is, the more the creep occurs in cable, and that the less the relative
stiffness is, the more the relaxation occurs in cable.

In the seventh chapter, the bridge management system by means of the reliability analysis
was examined, which yielded the effectiveness of reliability analysis not only in the strength
performance but also in the durability performance. For instance, the reliability analysis was

applied to the problem of the decreasing coating thickness and the increasing corrosion.
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Therefore, the bridge management system by means of the reliability analysis can be proposed

in order to evaluate and predict the safety of bridge performance quantitatively and rationally.

8.2 Conclusions

The reliability analyses were carried out for the short-span bridges and the long-span
bridges, considering the time-dependent load and strength in order to evaluate and predict
the strength performance of steel structures and concrete structures. In addition, the
reliability analysis was also applied to the durability performance of steel structures.

The conclusions of this thesis are summarized as follows.
1) In short-span bridges, the results of the reliability analyses considering the time-dependent
load and strength yielded that the safety reduces gradually against the increase of live load, but
that the safety reduces rapidly against the corrosion of steel members. The appropriate
maintenance is need as usual because those bridges have low degree-of freedom.
2) In long-span bridges, the result of the reliability analyses considering the time-dependent
load and strength yielded that the reliability index of the main cable is relative high, and that
the reliability index of the suspender rope is very high at present. The appropriate maintenance
is required against corrosion even though long-span bridges have high degree-of freedom.
3) The bridge management system by means of the reliability analysis (hereafter referred to as
“reliability-based bridge management system”) is effective of the evaluation and prediction
not only in the strength performance but also in the durability performance. The
reliability-based bridge management system is more quantitative and rational than the usual
bridge management system.
4) The essential maintenance is major in the current maintenance works, but the preventive
maintenance can be carried out by using the reliability-based bridge management system. This

system can be applied to the short-span bridges as well as the long-span bridges.

8.3 Recommendations and Further Research
The long-span bridges, including the suspension bridges and cable-stayed bridges, have
many structural members and detailed structures. The reliability analysis for all members of

these bridges would be very complicated. Consequently, the reliability analysis should be
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efficiently carried out for structural members to calculate the reliability. In addition, the

evaluation of the performance increment after repair or reinforcement should be examined.
In order to solve these problems, the accumulated data for design, construction and

maintenance of various bridges are required, and the maintenance method during the bridge

lifetime should be examined, considering the life cycle cost.
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Appendix A

Structural Members of Long-span Bridges

Superstructure ofSuspension Bridge
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Cable System of Suspension Bridge
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Superstructure of Cable-stayed Bridge
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Cable System of Cable-stayed Bridge
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Appendix B

THE AKASHI-KAIKYO BRIDGE

Design and Construction

of the World’s longest Bridge

October, 1998

Honshu-Shikoku Bridge Authority
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- 1/INTRODUCTION

On Aprii 5, 1998, the Akashi-Kaikyo
Bridge, the world’s longest suspension
bridge was completed over the Akashi-
Kaikyo (straits) and opened to traffic. The
Akashi-Kaikyo Bridge, which links Kobe
City and Awajishima Island both in Hyogo
Prefecture, has a main span of 1991 mand a
total length of 3911 m and thus becomes the
world’s largest bridge, whose title had been
hold by the Humber Bridge having a main
span of 1410 m in England since 1981.

It was in May 1988 when real work at
the site for the Akashi-Kaikyo Bridge be-
gan, and the work continued while over-
coming many difficulty including an en-
counter with the Kobe Earthquake in Janu-
ary 1995. Also, engineers participating in
the project have had to continue wide range
of technical challenges in order to realize
this enormous bridge. It is also noteworthy
that no fatal accident was recorded in ap-
proximate 10 year’s construction work.

The Akashi-Kaikyo Bridge has the fol-
lowing characteristics which will be dis-
cussed later into detail in Section 4.2;

(D The bridge has a main span length of
1991 m and a total length of 3991 m (frac-
tion in each length was due to the Kobe
Earthquake) to meet such conditions as the
waterway for navigation, the topography
and geology at the straits, the land usage at
both shores and so on. ,
(2) Two main piers were constructed as spread
foundations by Laying-down caisson method

at positions with great sea depth and strong
tidal current. Also, big and decp foundations
for the anchorages were constructed on re-
claimed lands with various new technology.
All foundations were well designed against
severe earthquake with a newly established
seismic design method. In addition, newly
developed low heat type cement and con-
cretes of various mix were used in actual
construction.

(3 The main towers made of steel reached
297 m above the sea level and were erected
with high accuracy while oscillation by the
wind was carefully suppressed. .

(@) The main cables, which were erected by
Prefabricated Paralle] Wires Strand method,
were made of newly developed high strength
galvanized wires, whose breaking strength
was improved to 1800 N/mm?.

(8 The suspended structure was designed-to
be truss-stiffened, and its erection was car-
ried out without disturbing heavy sea traffic
reaching about 1400 ships per day. And, its
aerodynamic stability was carefully checked
in a newly constructed boundary layer large
wind tunnel facility.

This report describes outline and the his-
tory of the Honshu-Shikoku Bridge Project,
conditions as well as standards for the de-
sign of the Akashi-Kaikyo Bridge and the
result , the construction of substructures as
well as superstructures, related technical
developments and facility for the bridge’s
operation and maintenance.
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2. BACKGROUND AND HISTORY OF HONSHU-SHIKOKU BRIDGE PROJECT

2.1 Japanese Archipelago and Straits
Crossings

The land of Tapan consists of four main islands:
Hokkaido, Honshu, Shikoku and Kyushu, from
north to south. Transportation by ships and airplanes
between those islands had been often interrupted
from bad weathers as winds, waves or fogs. Also
these mode required longer travel time and provided
less capacity. To eliminate such inconveniences and
to promote balanced development of the country,
censtruction of fixed link to connect those islands
- has been in progress as shown in Fig.-2.1.1. Some
crossings have already been completed and others
are under construction. In addition, new strait-cross-

Kanmon Bridge & Tunnels %
Second Kanmom Crossing

Hayasaki-Kaikyo Crossing

Honshu-Shikoku Bridgés *

ing projects are under investigation as will be men-
fioned in 2.1.4.

2.1.1 Kanmon Bridge & Tunnels

The Kanmon Straits between Honshu and
Kyushu was connected by a railway tunnel in 1942,
ag the first strait crossing in Japan. A highway cross-
ing with a suspension bridge was proposed by the
Ministry of State of those days in 1937, however, it
was changed to a tunnel plan due to opposition by
the Japanese military. The construction of a highway
tunnel began in 1941 but was suspended because of
a defeat of the World War IE. Finally, the tunnel was

Seikan Tunnel %

‘Trans Tokyo Bay Bridge & Tunne] *
Tokyo Bay Crossing

500km

#* ; Completed

Fig- 2.1.1 Loeation of existing and future straits crossing
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Fa
completed in 1958 for 2-lane highway. The tunnels
played a significant role on restoration and develop-
ment of the western part of Japan after the war.

Increasing demand realized the plan of 2 new
additional crossing. The Kanmon Bridge, whichisa
part of the Kanmon Expressway and is a 6-lane
highway suspension bridge, was constructed by the
Japan Highway Public Corporation and completed
in 1973. The New Kanmon Tunnel, which is a part
of the Sanyc Shinkansen (bullet train) line connect-
ing Osaka with Kyushu, was opened to traffic in
1975. The Kanmon Bridge was considered to be a
pilot project for the Honshu-Shikoku Bridge Project
from the viewpoint of long span bridge engineering.

2.1.2 Seikan Tunnel

The idea of connecting Hokkaido with Honshu
by an underwater tunnel existed even before the
World War 11, and investigation of soil conditions
under the Seikan Straits started in 1946, immediate-
Ly after the war. After the Japan Railway Construc-
tion Public Corporation was founded in 1964, the
corporation took over the investigation from the
Japan National Railway (JNR) of those days and
started digging of a survey tunnel. A decisive trigger
of the tunnel construction was a sinking of the Tova-
maru ferryboat by a typhoon in September of 1954,
resulting in 1430 deaths. Peoples’ strong demand to
a stable and safe link accelerated movement toward
construction of the tunnel.

The real construetion work began in 1971.
Though the construction encountered many difficul-
ties, a main tunnel was pierced in March of 1985
and finally opened for service in March 13, 1988 as
a part of the Tsugaru-Kaikyo Line for an ordinary
railway. This year coincided with the year of com-
pletion of the Seto-Ohashi Bridges which will be
discussed in 2.3 and 2.4,

2.1.3 Honshu-Shikoku Bridges

People have dreamed a fixed link between
Honshu and Shikoku since old days like other strait
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crossings as the Kanmen and Seikan. A tragic acci-
dent that occurred in May of 1955, in which two fer-
ries connecting Honshu and Shikoku collided each
other and sank with 168 victims, undoubtedly iden-
tified need for the fixed link as nothing else could.

The JNR started a field investigation for the
fixed crossing; at the same time, related local gov-
emments also started earnest researches. The Minis-
try of Construction (MOC) started another real in-
vestigation in 1959. After the Honshu-Shikoku
Bridge Authority (HSBA) was founded in 1970 as a
sole project execution body, the authority took over
all these investigations previously done.

Though it was criginally decided that three links
between Honshu and Shikoku be simultaneously
constructed, the construction was suspended due to
the Energy Crisis in 1973. After the construction
plan was changed, the construction of “one route
and four bridges in the other two routes for local
development” started. The construction of the rest of
the routes and remaining bridges had been given
permission one by one before the year of 1989,

The first bridge in the Honshu-Shikoku Bridges,
the Ohmishima Bridge, was completed in 1979, and
the first direct link between Honshu and Shikoku,
the Seto-Ohashi Bridge, was put into service in
1988. The open of the Seto-Ohashi Bridge provided
access of Shikoku not only to Honshu but also to the
other two main islands of Japan.

2.1.4 Future projects

In order to strengthen transportation networks
and meet future traffic demand in Japan, new strait
crossings are under planning such as, from north to
south, the Tsugaru-Kaikyo (straits) Bridge, the
Tokyo Bay Crossing, the Ise Bay Crossing, the
Kitan-Kaikyo Crossing, the Hoyo- Kaikyo Crossing,
the Second Kanmon Crossing, the Hayasaki-Kaikya
Crossing and the Nagashima-Kaikyo Crossing. The
MOC is now conducting investigations mainly on
natural and socio-economic conditions for those
projects while professional technical assistance has
been made by the HSBA.



2.2 History of Honshu-Shikoku Bridge
Project before 1970

A concept of a bridge across the Seto Inland Sea
- was evolved in the late 1880s, before modern civil
engineering practices were established. In May of
1889, a local assemblyman Jinnojo Ohkubo, first
advocated the idea of a bridge to cross the Inland
Sea. In 1916, a senator Toranosuke Nakagawa, pre-
sented a bridge plan to a budget committee of the
National Diet. These presentations were without any
technical support, and nothing thus came of them:
But, these facts illustrate that the concept of a bridge
began to be discussed as early as the turn of this
century.

A more definite idea was put forth by a civil
engineer named Chujiro Haraguchi, a future mayor
of Kobe City but in 1940 the project manager of a
public works office of the Ministry of Interior then.
He presented to a technical plan to build a bridge
over the Naruto Straits between Awaji-shima Island
and Shikoku, based on a study of the Golden Gate
Bridge in the U.S.A. built in 1937. He intended in
his plan to connect Tokushima in Shikoku with
Kobe by the bridge and a ferry on the Akashi Straits,
and to make it possible that people travel between
two cities in two hours. Unfortunately, these prelim-
inary activities for a bridge construction were halted
by outbreak of the World War I1.

The war brought devastation to Japan; neverthe-
less, the dream to bridge the Inland Sea had never
disappeared. During those lean years, the Compre-
hensive National Land Development Law boosted
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local development which in turn accelerated the
movement to link Honshu and Shikoku.

The tragic accident in May of 1955 strongly
appealed the need for a bridge, because many of the
168 lives lost were boys and girls on excursion of
junior high schools. That April, the former INR just
initiated a field investigation; at the same time, relat-
ed local governments also started researches, By
that time, Haraguchi as the mayor of Kobe City had
progressed his idea to connect Tokushima with
Kobe by bridges over the Akashi Straits as well as
the Naruto Straits. .

The MOC initiated investigation in 1959. Since
that time, the MOC and JNR, which had been simul-
taneously conducting ongoing feasibility studies
(the former was for highway and the latter was for
railway), jointly entrusted their research results to
the Japan Society of Civil Engineers (JSCE) so that
the entire force of civil engineers in Japan could be
mobilized. The JSCE thereupon established a tech-
nical committee to conduct extensive and compre-
hensive studies. ‘

In 1967, ISCE issued a final report on the tech-
nical feasibility of the project and submiited it to
both MOC and INR. After evaluating the report, the
MOC and the Ministry of Transport (MOT) jeintly
announced their official backing of the Honshu-
Shikoku Bridge Project.

The Honshu-Shikoku Bridge Authority was then
founded on July 1, 1970 based on a law as an execu-
tion body of the project. Fig.-2.2.1 shows a concept
and bridges of the Honshu-Shikoku Bridge Project.
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2.3 General Aspects of Honshu-Shikokn
Bridge Project

2.3.1 Kobe-Naruto Route: _
Kobe-Awaji-Naruto Expressway

The Kobe-Naruto Route, the eastern route of the
Honshu-Shikoku Bridge (HSB) Links, connects
Kobe City in Hyogo Prefecture with Naruto City in
Tokushima Prefecture, Shikoku via Awaji Island,
and provides an 89 km, 4-lane (partially 6-lane)
highway with a design speed of 100 knvh. About 45
km of the southern segment was opened to traffic in
1985, and the remaining northern segment including.
the Akashi-Kaikyo Bridge is now compieted in
1998. This route greatly contributes to economic
expansion of the area comprised of Osaka, Kobe,
~ Awaji Island and eastern Shikoku.

Although the master plan previously determined
by the rational government intended to construct a
double track bullet train line as well, its construction
had been postponed by the government’s policy
with consideration of socio-ecenomic situation of
the railway sector in Japan. The Akashi-Kaikyo
Bridge originally designed as a highway-railway
combined bridge, therefore, was changed to be an
only highway bridge.

This route contains two long span bridges: the
Akashi-Kaikyo Bridge and the Ohnaruto Bridge.

The Akashi-Kaikyo Bridge, which spans the

BACKGROUND AND HISTORY

Akashi Straits between Kobe City and Awaji Island,
is a 6-lane 3-span, 2-hinged truss-stiffened suspen-
sion bridge with a total length of 3911 m and a cen-
ter span of 1991 m. Becanse of its record-breaking
size, the Akashi-Kaikyo Bridge was carefully
designed to withstand an earthquake with magnitude
of 8.5 on the Richter scale as well as strong winds of
78 m/s, both which have approximately 150-year
return period. The amount of materials used reached
to 193,000 ton of steel for the superstructure and 1.4
million cubic meter of concrete for the substructure.

The Ohnaruto Bridge spanning the Naruto
Straits known for famous eddying currents is a 3-
span, 2-hinged truss-stiffened suspension bridge with
a total length of 1629 m and a center span of 876 m.
The bridge has a double decked structure with 6-lane
on the upper level for vehicles and 2-track on the
lower level for bullet trains in the future, however
only four of the vehicle lanes are currently in use, A
special feature of the bridge is that its foundations for
the piers were constructed with multi-column foun-
dation method in order to avoid adverse effect on the
eddying currents. The bridge was designed to with-
stand winds of 88 m/s and earthquakes with the mag-
nitude of 8 on the Richter scale.

2.3.2 Kojima-Sakaide Route:
Seto-Chuo Expressway

The Kojima-Sakaide Route shown in Fig,-2.3.1,

Twakurojima Viaduct
Hitsuishifima Twakurodima Yoshima " Yoshima
Shimotsui-seto Bridge HitsuishijimaViaduct Bridge Bridge Bridge Viaduct
. 1447 1316 792 93 792 266 611 77
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Fig.-2.3.1 Seto-Ohashi Bridges
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the central route of the Honshu-Shikoku Bridge *
Links, connects Hayashima in Okayama Prefecture
with Sakaide City in Kagawa Prefecture, Shikoku,
and features a 37 km, 4-lane highway with a design
speed of 100 km/h and a 32 km, 4-track raitway (2
for ordinary and 2 for bullet trains). Currently, only
two ordinary train tracks are in service and the bul-
let-train tracks are not installed yet. ;

This route was opened to traffic in April 10 of
1988 as the first direct link between Honshu and
Shikoku. It contains six long span bridges: 3 suspen-
sion, 2 cable-stayed and one truss bridge over the
9.4 km straits, which are collectively known as the
Seto-Ohashi Bridges.

Shimotsui-seto Bridge, which spans the
Shimotsui Straits between Okayama Prefecture and
the first island in Kagawa Prefectures, is a single-
span truss-stiffened suspension bridge with can-

* tilever extruded spans, a total length of 1447 m and
a center span of 940 m. Iis cable anchorage of the
Honshu side was designed as a tunnel type anchor-
age embedded into the Wasyu Mountain in order not
to affect aesthetics of the Seto Inland Sea National
Park around the bridge. This bridge is also remem-
bered as only one suspension bridge in the HSB pro-
ject whose cables were erected with Aerial Spinning
method.

Hitsuishi-jima Bridge and Iwakuro-jima
Bridge arc 3-span cable-stayed bridges with a con-
tinuos trussed girder, and each has a total length of
792 m and a center span of 420 m. Steel floor decks
for vehicles were composite with the upper chord
members of truss, thus sharing cable reaction.
Couples of elastic supports were installed at each
end of the girders to minimize seismic reactions.

Yoshima Bridge is a continuos truss bridge with
a horizontal circular curve of a 1300 m radius and a
S-shaped transition curve. The bridge is composed
of 3 continuos spans (175 + 245 + 165 m) and 2
continuous spans (125 + 137 m). Quenched and
tempered high strength steel HT780 (ultimate tensile
strength = 780 N/mm?) was used for the structural
members.

Kita Bisan-seto Bridge and Minami Bisan-
seto Bridge are both 3-span truss-stiffened suspen-
sion bridges with total lengths of 1611 m and 1723
m, and center spans of 990 m and 1100 m, respec-
tively. Both two bridges have a continuous girder
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designed to raise runnability of the high speed
trains. These bridges also required difficult con-
struction of deep and large underwater foundations
whose deepest bottom reached te 50 m below the
water level. The cables for both bridges share a cen-
tral anchorage. ‘

2.3.3 Onomichi-Imabari Route:
Nishi-seto Expressway

The Onomichi-Imabari Route, which includes
ten long span bridges linking nine relatively large
islands, is a 60 km highway from Onomichi City,
Hiroshima Prefecture to Imabari City, Ehime Prefec-
ture in Shikoku. Construction work on this route
began in 1975.

The Ohmishima Bridge, the Hakata-Ohshima
Bridges, the Tkuchi Bridge had been already com-
pleted by 1991, and 26 kin in the total length of the
highway has been opened to traffic. The remaining
Tatara Bridge and Kurushima Bridges are now
under construction and expected for completion in

_the spring of 1999, which fact means that this route

will be also opened.

The sea and islands through which the
Onomichi-Imabari Route runs form one of the most
beautiful national parks with various natural trea-
sures, scenic archipelagoes, a mild climate, and a
valuable cultural heritage. This environment has
been taken fully into consideration during the bridge
planning and construction. Unlike the other routes,
the bridges of this route provide a pedestrian and
bicycle pass.

Onomichi Bridge and Shin-Onomichi Bridge
are both steel cable-stayed bridges with the same
center span of 215 m. The Onomichi Bridge, the first
cable-stayed bridge with a center span exceeding 200
m in Japan, was constructed by the Japan Highway
Public Corporation in 1968 and is now operated by
HSBA. And, the Shin(New)-Onomichi Bridge is
going to add additional 4 lanes for long distance
rapid traffic to the existing 2-lane of the Onomichi
Bridge, which has served mainly for local traffic.

Innoshima Bridge is a 3-span 2-hinged truss-
stiffened suspension bridge with a center span of
770 m. This bridge, the first suspension bridge by

"'HSBA, used cable strands each consisting of 127



wires to decrease the construction period as wéll as
the size of the anchorage and utilized the steel decks
to reduce the dead weight. Both were first challenge
in large scale suspension bridges in Japan.

Ikuchi Bridge is a 3-span cable-stayed bridge
with a center span of 490 m, which used to be the
world’s longest cable-stayed bridge. This bridge
adopted steel girder for the main span and concrete
girders for both side spans to compensate unbal-
anced main/side span length.

Tatara Bridge is a 3-span cable-stayed bridge
with the world’s longest center span of 890 m. Its
box girder mainly consists of steel except end por-
tions of both side spans which are PC boxes. The
reversed Y-shaped towers are selected from the aes-
thetic point of view, and dimpled-surface stay cables
are first adopted to prevent rain-wind-induced vibra-
tion.

" Ohmishima Bridge is a single span 2-hinged
steel solid rib arch bridge with a span of 297 m, and
the first long span bridge constructed by HSBA.

Hakata-Ohshima Bridges consist of 2 consecu-
tive bridges: the Hakata Bridge, a steel box girder
bridge and the Ohshima Bridge, a single span box
girder suspension bridge with a center span of 560
m, to which a box section was adopted for the first
time in Japan for long span suspension bridges.

Kurushima Bridges consist of three suspension
bridges (each center span, 600 m, 1020 m and 1030
m); they are consecutively arranged via twe com-
mon anchorages. The bridges have streamlined box
girders and are being constructed over rapid tide of
the Kurushima straits.

BACKGROUND AND HISTORY

2.4 History of Honshu-Shikoku Bridge
Project after 1970

2.4.1 Preliminary investigation

The Honshu-Shikoku Bridge Authority estab-
lished in July of 1970 made investigation on natural
conditions and economic studies for HSB Project
under the orders from MOC and MOT.

In 1970 and 1971, a meteorological observation
towers were installed, and geological as well as soil
conditions were investigated. Based on these data,’
preliminary design. for determination of bridge type,
span length, ete. and planning of construction
method were made. In 19’72, an approximate cost
estimation regarding the preliminary design and
socio-economic impact siudy were carried out. At
the same time, investigations on design standard
were continued based on the previous study done
before 1970.

(1) Wind resistant design of long span suspension

bridges

Various wind tunnel tests up to a 2000 m span
length highway-railway combined suspension
bridge were carried out, and its aerodynamic stabili-
ty was investigated. Besides these, HSBA construct-
ed a field test facility at a windy beach of the Boso
Peninsular which could accommodate a large scale
(1/10) model of a trussed girder in order to verify
influence of natural gusty wind as well as Reynold’s
number on aerodynamic response, etc., and then
refined the wind resistant design standard.

(2) Seismic design of long span suspension

bridges

A more rational seismic design standard: a seis-
mic design method for rigid foundations and a sta-
bility analysis method, were investigatéd with con-
sideration that the foundations became inevitably
huge in their size and were supported with relatively
sound rock.

(3) Runnability of train on suspension bridges
When trains run on a suspension bridge, prob-

lems to be solved were such as running stability of

trains on a flexible suspension bridge, angular bent
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in the vertical plane and expansion or contractiofi of
rails at both ends of the bridge. Runnability was
investigated to determine how much angular bent
the train could run over safely and smocthly. Model
experiments and full scaled test runs were catried
out on the to-be-abandoned Karikachi Ling in
Hokkaido as well as on the Sanyo Shinkansen Line
before its official opening, and it was concluded that
good running stability up to the speeds of 160 km/h
for bullet trains and 120 ko/h for ordinary trains
was secured when the angular bent was restricted
below 1/100. Rail joints absorbing up to plus-minus
60 cm of the expansion or contraction were also -
developed.

(4) Investigation of large scale underwater foun-
dations :

A design standard for huge underwater substruc-
ture was developed based on both large scale experi-
ments and previcusly obtained results. Workability
and quality of underwater concrete was confirmed
through real sized experimental casting in the field
and laboratory.

(5) Development of working platform on the sea
Working platforms, on which boring and the
other works were to be done, were developed at first

for the shallow and low speed current sea. For the

case of the Akashi-Kaikyo Bridge, design and fabri-
* cation of a large scale working platform, which
enabled to work in the deep (45 m) and fast current
(4.5 m/s}) sea, was begun.

(6) Seabed excavation method

Seabed excavating experiments to confirm effi-
ciency of a gravity type and a rotary type excavation
machines were carried out in the Naruto Straits and
the sea near Kojima. Also, safe and harmless meth-
od for underwater blasting of granite was investigat-
ed.

(7) Navigation safety facility

Since the Honshu-Shikoku Bridges were
planned in straits where many ships traveled, HSBA
trusted navigation safety affairs to a committee,
which studied circumstances of the navigation after
bridging, ship collision protection facilities and
bridge lighting and so on.
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(8) Socio-economic study

Economic studies were carried out in order to
estimate the traffic demand between Honshu and
Shikoku, repayment conditions of the project and
the socio-economic impact on the related areas. The
HSBA took over the results of economic study and a
traffic-volume estimation medel between Honshu
and Shikoku (Hon-Shi Model) from the MOC and
MOT, then improved the model and the demand
estimation. In addition, the traffic demand of inter-
islands was analyzed with another model. Long term
and short term socio-economic impacts were evalu-
ated from the increase amount of regional produc-
tion incomes by the project and also from the
increase amount of productivity as well as income
due to the project investment.

2.4.2 Preparation for construction and Energy
Crisis

Preparation for commencement of the construc-
tion work was advanced while investigation and
design were going on. The HSBA finally decided
the commencement day to be November 25 of 1973.

But, the Energy Crisis, which was a sudden rais-
ing of the price of crude oil as a result of outbreak of
the 4th Middle East War in October of 1973,
brought skyrocketing prices in Japan. Consequently,
the Honshu-Shikoku Bridge Project was suspended
just 5 days before the scheduled commencement day
as one of the policies taken by the Japanese Govern-
ment for restraining consumer demand.

During this postponement, HSBA prepared for
resumption of construction by developing new tech-
nology, re-studying of the design and construction
methods and so on.

2.4.3 Toward resumption of censtruction

The HSBA had to wait for the resumption of
construction until 1975. By that time, skyrocketing
prices had become quiet. Local people and business
sector began to insist upon the resumption of con-
struction of the Honshu-Shikoku Bridge Project.

In these circumstances, it seemed appropriate to
construct one route and a few bridges for local



development at first rather than to build all tHe three
routes simultaneously. Following this idea, the
Japanese Government finally decided in August of
1975 that the construction of one route, the Kojima-
Sakaide Route, and three bridges: the Ohnaruto
Bridge, the Innoshima Bridge and the Ohmishima
Bridge be carried out. ’

After the preparation, construction of the
Ohmishima Bridge started on December 21, 1975 as
the first bridge of the project. Construction of the
Ohnaruto Bridge and the Innoshima Bridge fol-
lowed on July 2, 1976 and January 8, 1977, respec-
tively.

The commencement of construction of the
Kojima-Sakaide Route was approved in April of
1977 on condition that environmental assessment be
carried out, because the route was located in the
Seto-Inland Sea National Park, After carrying out
environmental assessment, HSBA started the con-
struction of the route on October 10, 1978.

Being added to the one route and three bridges, .

the Hakata-Ohshima Bridges were also decided to
start the construction in January of 1979 based on
the agreement among MOC, MOT and the National
Land Agency. The ground was broken on Mazch 21,
1981. :

BACKGROUND AND HISTORY

2.4.4 After one route and four bridges

After the Kojima-Sakaide Route and four
bridges including the Hakata-Ohshima Bridges were
completed by the year of 1988, the Honshu-Shikoku
Bridge Project entered the second phase. The
Akashi-Kaikyo Bridge, the Shin-Onomichi Bridge,
the Tkuchi Bridge, the Tatara Bridge and the
Kurushima Bridges, which were left at that time,
were approved for construction. This means that the
government decided to complete all the three routes
as being previously determined.

The Akashi-Kaikyo Bridge, which was original-
ly planned as a highway-railway combined bridge,
was changed to a highway bridge by considering
general situation of a bullet train network plan in -
Shikoku, and the official ground breaking ceremony
was held in April of 1986 (real work began in May
1988). The ground for the Tkuchi Bridge was broken
in 1986, and the bridge was completed in 1991,

The other bridges, the Tatara Bridge and the
Kurushima Bridges, were approved for construction

in 1990 and 1988, respectively. Both of them will be

completed at the spring time in 1999. The Shin-
Onomichi Bridge next to the Onomichi Bridge was
decided for,construction in 1993 and will be com-
pleted in 1999,
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3. DESIGN CONDITIONS OF AKASHI-KAIKYO BRIDGE

3.1 Natural Conditions

3.1.1 Topography

The Akashi-Kaikyo is one of the famous straits
in Japan and located between Kobe City on Honshu
and Awaji-shima Island. The straits, linking the
Osaka Bay and Harima-nada (nada is a vast open
sea area in the Seto Inland Sea) has the minimum
width of about 4 km, to which point the bridge has
been constructed.

Topography beneath the straits is very compli-
cated, and there are different topographical features
between the 2P (Kobe-side pier) and 3P (Awaji-side
pier). The 2P site showed similar to a marine terrace
and a comparatively flat seabed while the 3P site
showed complicated topographical characteristics
with a steep rise and fail. The maximum water depth
in the central part of the strait reaches approximately
110 m, while the Harima-nada in the west to the

strait and the Osaka Bay in the east to the strait were

20 m to 30 m deep.
Beth hinterlands are rather hilly, and narrow flat
terrain is developed along the shore lines.
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3.1.2 Wind

Since long span bridges are flexible, they
require special consideration for wind action at the
design stage. In addition, the Honshu-Shikoku
Bridges are located in an area that frequently sus-
tains typhoons. Therefore, it was required to conduct
careful survey and research on wind characteristics
at the bridge site.

An observation tower was constructed near the
bridge site, and wind data observation began in
1964 for the purpose of establishing design criteria
of the Akashi-Kaikyo Bridge. Twenty year long data
{1964 to 1984) were collected, and mean wind
speed, maximum wind speed, wind rose, turbulence
intensity and scale, angle of attack, etc. were ana-
lyzed.

Fig.- 3.1.1 shows yearly maximum wind speed
at 80 m above the sea level at the observation tower.
Both two large values in 1964 and 1965 were
recorded during typhoons. A basic wind speed,
which is defined as a 10 minute averaged wind
speed at 10 m above the sea level and has a 150-year
return period, was estimated to be at 46 m/s based
on extreme value analysis with the collected data.

65.0m/seC e———s Gust wind speed

52.2m/sec ©———° Mean wind speed (10min. average)

X W
Y ~o" b/&ﬂ_u\\u/f\\)_v,c\n)__a,e\o’o

L
1965 1970

! L :
1975 1980 1985

Fig.-3.1.1 Yearly maximum wind speed at Tarumi Observation Tower
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3.1.3 Earthquake

Alike typhoons, earthquakes are likely to oceur
in Japan, Careful consideration for earthquakes is
also required at the design stage of long span
bridges. Historical earthquakes having a magnitude
of more than 6 and a distance of less than 300 km
were recorded as will be shown in Fig.-4.1.3.

Earthquakes that occurred in and around Japan
are of three different types, some of which were dis-
astrous. The types are classified with the area where
earthquakes occurred; first, earthquakes along or off
the coast of the Pacific Ocean; second, earthquakes
in inland; and third, earthquakes off the coast of the
Japan Sea. One of the features on the first type is of
very large magnitude.

The design acceleration at the site was calculat-
ed by an attenuation equation by distance based on
the records. Seismotectonic studies confirmed the
existence of northeast-southwest faults in the area of
the bridge and also indicated that there was no con-
crete evidence for the faults to move in the Quater-
nary period.

In earthquake analysis of long span bridges,
phase lag may have a significant influence on the
dynamic response. Therefore, an array observation
‘system has been arranged around the bridge site to
measure the phase lag.

The standard seismic motion for the design of
the Akashi-Kaikyo Bridge was based on two types
of response acceleration spectra as will be men-
tioned in 4.1.2 (2). o

Kobe-side
TP +50m

3.1.4 Marine conditions

The maximum current speeds at the 2P and 3P
sites are very fast and approximately 3 to 3.5 m/s and
3.5 to 4 mv/s, respectively. An observation near the
site showed that mean wave height was 51.4 cin
(standard deviation 21.8 cm) and the maximum wave
height was recorded approximately 6 m during a
typhoon.

Tidal level change was observed to be about 1 m.

3.1.5 Geological Conditions

The seabed consists of recent and upper
Pleistocene deposits, Akashi Formation of the
Pleistocene to Pliocene, Kobe Formation of the
Miocene, and granite as shown in Fig.- 3.1.2.

The Akashi Formation is composed of semi-
cemented gravel and sand, and contains a lot of
decayed gravel. The Kobe Formation is made of
weakly cemented soft rock with complicated alter-
ation of thin sandstone and mud-stone layers.

Bearing layer is different at each foundation.
Namely, 1A (Kobe-side anchorage) and 3P are
founded on the Kobe Formation, and 2P is put on
the Akashi Formation. On the other hand, 4A
(Awaji-side anchorage) is designed to be resied
upon weathered granite.

Awaji-side

lmmm Alluvium or
Upper Diluvium

Akashi Formation Granite

Formation

——F : Faul

Distance

Fig.-3.1.2 Geological conditions beneath Akashi-Kaikyo Bridge
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3.2 Social and Environmental Conditions

The Akashi Straits is designated as a statutory
waterway with width of 1500 m where approximate-
ly 1400 ships pass daily. Eighty to ninety percent of
those ships travel in the direction of east and west,
which is perpendicular to the bridge axis. Fishing
has been prosperous since old days.

The clearance under the deck was decided to be

DESIGN CONDITIONS OF AKASHI-K;AIKYO BRIDGE

65 m based on a report of the Port Council of the
Ministry of Transportation,

The land usage in Kobe-side is largely different
from that in Awaji-side. Kobe area is urban and
densely populated while Awaji area is rural and less
populated (see Photos-1, 2, 7, 10, 11, 12 and 17).
Alignment of the route was decided with considera-
tion of such conditions.
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- 4. DESIGN

4.1 Outline of Design Standard

4.1.1 Wind resistant design

Because of its record breaking center span
length, the Akashi-Kaikyo Bridge is a extremely
flexible structure with low natural frequency (hori-
zontal mode = (0,038 Hz, vertical mode = 0,064 Hz
and torsional node = 0.140 Hz). This means that
requirement for the wind resistant design is very
demanding as shown in Fig.-4.1.1. Accordingly, the
wind resistant design standard for the Akashi-
Kaikyo Bridge was exclusively established in 1990.
In this section, main contents of the standard is out-
lined.

(1) Flow of wind resistant design
Fig.-4.1.2 shows the flow of wind resistant
design specified in the standard.

(2) Wind conditions to be considered
[Design wind speed]

As one of the important wind conditions tc be
considered in the design, basic wind speed is clari-
fied in the standard. Based on field measurement
data and wind tunnel test which was conducted to
evaluate the effect of topography, the basic wind
speed for this bridge was determined to be 46 m/s as
being stated in 3.1.2.

In wind resistant design, vertical profile of wind
speed has to be taken into account for determination
of the design wind speed as being given in the next
formula.

Uz = (Z/10)% ¢ Us

where,
Uz : design wind speed at the height of Z m,
. and Un : basic wind speed (46 m/s)
[Angle of Attack]

Another important wind condition is angle of

attack. In the standard, angle of attack to be consid-
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Fig.-4.1.1 Required level of aerodynamic stability
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Fig.-4.1.2 Flow of wind resistant design
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ered is specified as -3 to +3 degree. This range of

angle of attack is determined by consideration of

following three components, which can cause angle

of attack to the natural wind.

+ . average inclination of the wind at the site

» static deformation of bridge girder due to wind
_load, and

+ fluctuation in angle of attack by vertical turbu-
lence.

[Turbulence intensity]

In evaluating the effect of gust response, turbu-
lence intensity to be considered at the height of gird-
er (80 m above the sea surface) is clarified as 10%
for the main stream direction.

(3) Static design

Static design is to be conducted with the wind
load given in the next formula.

Pazpa e po Uz 20 Cao A2

where Pa : wind load

42 : modification factor for gust
. responses (1.55)

p : air density

Cs : drag coefficient, and

A : profile area.

Important feature of this wind load is that effect
of gust response is included in it. The factor was
determined based on gust response analysis on pre-
liminary design result of the Akashi-Kaikyo Bridge.
In conducting the static wind resistant design, allow-
able stress can be increased by 1.50 for the girder as
well as cable and 1.40 for the tower.

(4) Dynamic design
[Structural damping]

In conducting dynamic wind resistant design,
structural damping have to be assumed. In the stan-
dard, they are given in Table-4.1.1.

These damping are determined from vibration

DESIGN

test results carried out on existing long span suspen-
sion bridges.
[Gust responses]

As explained above, effect of gust response is to
be considered as wind load. However, the modifica-
tion factor 1.55 used in the formula is a conclusion
of gust response analysis on a preliminary design
result. It is accordingly required to conduct gust
response analysis for final design, in which 3 com-
ponents of wind load: drag, lift and moment, shail
be taken inte account. If the calculated stress exceed
allowable stress more than 5 %, modification of the
design must be done.

[Flutter, galloping]

As the amplitude of flutter and galloping abrupt-
ly increases when wind speed becomes high enough,
it is.required that the critical wind speed for flutter
and galloping should not be less than the reference
wind speed, which is to be calculated from the
design wind speed by the following formula. As
shown in the formula, a safety factor of 1.2 is intro-
duced, and effect of fluctuation of wind speed over
the 10 minutes averaged speed is taken into account
as p r. This effect is evaluated on assumption that
the fluiter or galloping develops to destroy the
bridge within 30 seconds.

U=12epypeeUz

where, U: :reference wind speed for flutter
and galloping, and
# ¢ . modification factor for fluctuation

of wind speed = 1.08
[Vortex induced vibration]

Effect of vortex induced vibration have to be
evaluated from the viewpoint of users’ comfort as
well as safety of the structure against fatigne dam-
age. In the standard, intensity of turbulence, which
usually decrease the amplitude of vortex induced
vibration, is clarified to be 5% for evaluation of
effect of the vibration.

Table-4.1.1 Structural damping (logarithmic decrement)

Bending mode

Torsicnal mode

Girder (Truss type) 0.03 c.02
Tower (Completed stage) 0.02 0.02
Tower (Free-standing stage) 0.01 . 0.01
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[Wind tunnel test]

This standard is prepared on the premise that 2-
dimensional rigid model wind tunnel tests are main-
Iy to be conducted to evaluate the dynamic effect of
wind. However, wind tunnel test with full aero-elas-
tic mode] and various numerical analyses were also
carried out for the bridge as will be mentioned in
Section 6.1

4.1.2 Seismic design

(1) General

Conventional seismic design standard for
Honshu-Shikoku Bridges established in March 1977
was mainly applicable to the foundations supported
with granite or lzumi Formation, which were hard
and old rock before the Oligocene or Cretaceous.

In this standard by which Ohnaruto Bridge and
Seto-Ohashi Bridges were designed, the spectrum
analysis with rigid model in 2-degree of freedom
was specified to be done on the following condi-
tions;

Latitude

(D ground spring was assumed to be a static one
determined from plate bearing test,

® damping coefficient between the ground and
foundation was constanily assumed to be 10 %, and
@ input seismic excitation to the analysis model
was defined at the surface of bearing layer, but this
was decided without consideration of the presence
of foundation itself.

However in the case of Akashi-Kaikyo Bridge in
which huge foundations were to be constructed
upon softer and younger layers, a new seismic
design standard had to be formed, because non-lin-
earity of the bearing layer as well as dynamic inter-
action between the ground and foundation were
judged to be not negligible. In the new standard,
basic procedure is the rigid model in 2-degree of
freedom as used to be, and stability check by time
history analysis with FEM model is also requested.

(2) Input seismic excitation

Fig.-4.1.3 shows the distribution of earthquake
epicenters and their magnitudes around the Akashi
straits in the past 100 years. It can be seen from the

- + +
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Fig.-4.1.3 Earthquake epicenters and magnitudes(1885-1979)
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figure that several earthquakes with magnitude of
8.0 class in Richter scale occurred off the Pacific
Coast (about 150 km south to the site) and that
many earthquakes of magnitude 6 to 7 happened
elsewhere in the region,

Assuming that the top surface of the Kobe
Formation is exposed, the spectrum obtained as an
envelope of the following two acceleration response
spectra is defined as standard acceleration response
spectrum (damping coefficient : h=0.05) which is as

~shown in Fig.-4.1.4. '
@ one from large scale plates boundary type earth-
quake: the acceleration response spectrum that is
expected to give an influence to the construction
site, and its magnitude 4nd epicenter distance is
assumed to be 8.5 in Richter scale and 150 km, and
(@ one calculated by statistical theory from histori-
cally recorded earthquakes which exceed magnitude
6.0 in Richter scale and had occurred during 1885 to
1979 within a radius of 300 km from the construc-
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tion site. The acceleration response spectrum of this
has a return period of 150 years.

Also in ground response analysis (“SHAKE”)
which will be mentioned later, a strong seismic
motion wave recorded at Kaihoku Bridge by the
Miyagi Prefecture Off-coast Earthquake in 1978
(maximum acceleration = 394 gal) is to be basically
used.

(3) Seismic design procedure

Fig.-4.1.5 gives the flow chart of the seismic
design procedure for the foundations specified in the
standard for the Akashi-Kaikyo Bridge, and the pro-
cedure is based on the fellowing concept.
@ The response of the foundations is to be
obtained through the response spectrum method
with corresponding 2-degree of freedom system,
which models both rigid foundation and ground
springs to express the oscillation in rocking mode as
well as swaying mode.
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Fig.-4.1.4 Standard acceleration response spectrum
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DESIGN EARTHQUAKE

_{ Standard response spectrum
input at the surface of base rock 5, @
l GROUND MODEL ‘——| Ground condition J
Assumed acceleration Basic ground model
Time history : 40 (Strain 1ex|rel of 104
[ l (SHAKE)
Equivalent linear ground model
| .| Amplitude adjustment dl?dng ea:ﬂnquakir
Sk ED (Strain level of 10%~10% Determimation of
structual cond_ition 1
DYNAMIC INTERACTION BETWEEN of the foundation
SOIL AND FOUNDATION
Effective seismicmotion | |  Dynamic stiffness
Dynamic analysis with
rigid body 2-degree of
freedom system
Verification

\
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Dynamic
stiffness
be N
e } Effective seismic motion
Fig.-4.1.6 Dymamic response analysis model
®@ The modes mentioned in (D should be estab- should be precisely taken into account.
lished with consideration of dynamic interaction
between the foundation and the ground (see Fig.- {4) Dynamic interaction between foundation and
4.1.6), and ground
® In order to evaluate the dynamic interaction, Recent progress in dynamic soil-structure inter-
local ground condition around the foundations action research shows that the interaction effect is
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composed of two effects, i.e., effective seismic
motion and dynamic stiffness (Fig.- 4.1.6).

Effective seismic motion, sometimes called the
kinematic interaction effect, is defined as the
response of massless foundations exposed to seismic
excitation. The response of massless foundation
against any seismic excitation is different from what
is obtained on condition that no foundation exists on
a free surface, because the presence of the founda-
tion restricts the seismic excitation,

The response of a large scale foundation which
is embedded into the ground is not only affected by
vibration properties of the geological layer but dif-
fers depending on the configuration of the contact
surface between the foundation and the ground
because the foundation constraints the vibration of
the ground. Accordingly, the ground response analy-
sis: “SHAKE?” is to be done with consideration of
geological composition, their property such as S-
wave speed, unit weight and dynamic Poisson’s
ratio and level of the strain generated beneath the
foundation at the time of earthquake, in order to
decide the effective seismic motion which is the
input excitation in seismic design of the Akashi-
Kaikyo Bridge.

On the other hand, the dynamic stiffness is intro-
duced for consideration of effect of dispersion of
vibration energy of the foundation into the ground,
in the stead of conventional stiffness in which the
ground spring is supposed to be a static one. In the
dynamic stiffness, coupled oscillation between the
foundation and the ground is taken into account, and
the stiffness becomes variable by the frequency of
oscillation.

(5) Stability check (verification)

The results of rigid model in 2-degree of free-
dom analysis is to be checked from the viewpoints
of bearing, overturn and slide. In this, the shear
strength of ground {C and ¢) is to be obtained from
CU (Consolidated but Undrained) test for the Kobe
Formation and Akashi Formation because the load-
ing speed during earthquake is too fast to disperse
the pore water pressure. Those for the granite is to
be based on CD (Consolidated and Drained) test
because the pore water pressure in the granite is not
originally high. :

In the check of bearing, the response spectrum
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analysis gives the largest values for vertical force,
horizontal force and moment all which must change
their direction and magnitude in actual seismic
motion, so FEM time history analysis is to be done
for considering this point. ‘ '

As for the check of overturn, stability would be
confirmed if the response velocity of foundation due
to earthquake was smaller than the potential energy
expressed in terms of the energy.

The check of slide is to be done by ascertaining
whether the safety factor is higher than 1.2 or
wheiher accumulated slippage which is assumed to
occur during the slippage safety factor being lower
than 1.2 remains in harmless range to the bridge.

(5) Seismic design for superstructure

Because the natural periods of superstructure is
very long: 16 sec. and 26 sec. in the vertical and
horizontal direction, respectively, seismic input hav-
ing leng period components should be considered.
Also, phase lag is to be taken into consideration
because the distance between two anchorages reach-
s about 4 km. .

The following three conditions were thus set in
the design earthquake input for the time history
analysis of the superstructure.

(D Effective seismic motion acting separately to
each foundation which has comparatively short peri-
od component.

@ Seismic wave obtained by adjusting the ampli-
tude of the recorded motion of the Tokachi Offshore
Earthquake which has comparatively long period
component. Amplitude adjustment is done so as to
agree the response spectrum of the earthquake with
that as shown in Fig.-4.1 4.

(3 Seismic wave as same as @ but with considera-
tion of the time lag for each foundations.

4.1.3 Design live load

Because the Akashi-Kaikyo Bridge is a part of
the nationwide expressway system, its design live
load which is specified as B-loading in “Design
Specifications for Highway Bridges” issued by the
Ministry of Construction, is basically same as the
other bridges. The B-loading is determined mainly
for bridges over which large vehicles weighing 25
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ton (250 KN) frequently pass, and this contains TT.-, . and so on which have very wide influence line. And,

43 loading (trailer truck having the total weight of the L-loading is often composed of a line load

43 ton and 4 axes) previously used for design of which is to be given to a limited area and distribut-

bridges in important network. ing load which is to be given on wide area of the
The design live load in Japan is classified into bridge.

“floor loading (T-loading)” and “main structure Fig.-4.1.7 and Table-4.1.2 show an image of the

loading (L-loading)”; the former is used in design of  design live load for highway bridges in Japan as

the deck and floor system whose influence line is 'well as concrete value of the B-loading.

short while the latter is applied to the main structure On a long span bridge like the Akashi-Kaikyo,

of a bridge such as main girder, truss, cable, tower however, it can be expected that possibility of full

Limited uniform load P;

Uniform load Ps
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Fig.-4.1.7 Live load for Japanese highway bridge
Table-4.1.2 L-loading (B-loading)
Type . Span L (m) Loading intensity
For bending moment
Limited uniform 1000 kgf/m? (10 KN/m?)
load P4 L =200 For shearing force
Prime load (pto10min 1200 kgf/m? (12 KN/m?)
(Maximum longitudinal direction) > .
loading width 200< L 1200 kgf/m? {12 KN/m?)
is 5.5 m) . L= 80 350 k 2 P
; = gf/m? (3.5 KN/m?)
tg‘t‘lf]‘;rmgﬁdag;ve 80< L=<130 | 430-L kgf/m?
10 m section) 130< L = 500 300 kgf/m? (3.0 KN/m?)
500< L 3002X[0.57 + 300/(200+L}]
Subordinate p1 : Half of P4
load pe Half of P2
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loading of design live load, which is mainly speci-
fied for small span bridges, decreases. This natural
tendency and reduction of the live load intensity had
been pomfed out and investigated probably since
1920’°s when the George Washington Bridge, the
first bridge exceeding over 1000 m in span length,
was in design stage.

The intensity of the distributing load for
Honshu-Shikoku Bridges is specified to be

decreased as the span length goes up as shown in
Table-4.1.2 over the span range of 500 m, and this
was determined mainly based on actual traffic sur-
veys on heavy trunk roads.

Although the design live load in Japan is speci-
fied in bridge width basis, comparison with foreign
bridges in lane basis which is equivalently convert-
ed is as shown in Fig.-4.1.8. Namely, no definite
difference in tendency of the reduction is observed.

Table-4.1.3 Combination of various loads and increment of allowable stress

Combination of loads Span>>200m Span=200m
(1) Basic increment
L 1.00
2| D+L{F)Y+I(F)
3 P+T+SDY+E" 1.00 1.15
42| w 1.50 1.20
5| D+W+T+SD"+ED 1.50 (1.35)% 1.35 )
8% EQ 1.50 =
7% D+EQ+L{(EQ)+T+SD"+E" 1.50 (1.70) 1.70
8 | P+CO 1.70
(2) Increment for erection stage
9t ER(D+T) 1.25
10| ER(D+T)+ER (W) 56
11| ER(D+T) + ER (EQ)

Marks:

P=D+L +T,D: Dead load, L: Live load, T: Influence of temperature change,

L{F): Live load to be considered for fatigue, I(F): Impact to be considered for fatigue,
SD: Influence of displacement of bearings, E: Error in erection, W: Wind load, '
EQ: Influence of earthquake, L(EQ): Live load at earthquake = /2,

CO: Collision of autormobiles (Collision by ship is usually negligible)

ER(D-+T): Dead load, temperaiure change, construction facility etc. during erection,

ER(W): Wind load during erection (usually W/2),
ER(EQ): Influence of earthquake deuring erection.

Notes:

1} Applicable to tower, stiffening girder and its bearings of suspension bridge as well as cable-

stayed bridge.

2} SD shall not be considered to suspenders of suspension bridge.

3} Applicable to lateral bracing.

4} Applicable to other than main girder of any bridges other than suspension nor cable-stayed.
5} Applicable exclusively to lateral bracing of suspension or cable-stayed bridge.
6} For bridges having shorter span than 200 m, L{EQ) as well as combination of EQ and T can be

neglected.
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4.1.4 Combination of design loads and allowable
stress

Specification about combination of the design
loads and corresponding allowable stress is given in
each design standard for such as superstructure, sub-
structure, wind resistant design and so on. Table-
4.1.3 is quoted from the “Design Standard for
Superstructure of Honshu-Shikoku Bridges, April
1989”, which was examined and re-arranged for the
Akashi-Kaikyo Bridge based on the experience at
Seto-Ohashi Bridges up to 1100 m span length.

DESIGN

4.2 General Design of Akashi-Kaikyo
Bridge

4.2.1 Basic desfgn conditions

Though the basic design conditions of the
Akashi-Kaikyo Bridge were discussed in Chapter 3,
they are summarized as the following once again.
@ The width of the straits is about 4 km, and its
depth along the proposed bridge route reaches about
110 m.

@ The natural conditions at the main pier site:
water depth = 45 m, maximum tidal current = 4,0
m/s and maximum wave height = 9.4 m, :
@ The wind condition: basic wind speed for dESlgn
(defined as 10 minutes averaged speed at 10 m
above the water level with a return period of 150
years) = 46 m/s and reference wind speed against

" flutter =78 m/s

@ The geological condition: the base rock beneath
the straits is granite, on which Kobe Formation
(alternating layers of sand stone and mud-stone in
the Miocene), Akashi Formation (semi consolidated
sand and gravel layer in the late Pliocene and the
early Pleistocene) and the alluvium layer are
deposited.

(® The design earthquake: the one which occurs off
the Pacific coast about 150 km away with the mag-
nitude of 8.5 or the ones which are expected within
radius of 300 km with a return penod of 150 years,
and

® The social conditions: a waterway with 1500 m
in the width and heavy sea traffic is designated amid
the straits, and lands on both shores are highly uti-
lized. The bridge is for 6-lane highway with design
speed of 100 km/h.

4.2.2 Characteristics on design and construction

The Akashi-Kaikyo Bridge, therefore, has the
following characteristics on design and construction
(Fig.-4.2.1, Photo-2 and 21). However, its design is
strongly influenced with the construction method,
because design of a huge structure cannot but be
done without consideration about the construction
method and procedures.
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